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PREFACE 

Evaluation of the impact of earthquake loading is an important consideration in design and 
construction of highway facilities in the United States. Earthquake engineering for highway facilities 
is important not only in the states west of the Rocky Mountains, but also over broad areas of the 
eastern and central United States. Recent earthquakes in the United States and abroad have 
dramatically illustrated the potential for catastrophic loss due to even modest levels of earthquake 
loading when highway facilities are not designed or are under-designed to resist seismic loading. 
Furthermore, experience has shown that design and construction of civil facilities to resist 
earthquake loads improves the performance of these facilities when subject to other extreme loads 
(e.g., wind, impact, blast) and under long-term service loads. 

This document has been written to provide information on how to apply principles of geotechnical 
earthquake engineering to planning, design, and retrofit of highway facilities. Geotechnical 
earthquake engineering topics discussed in this document include: 

deterministic and probabilistic seismic hazard assessment; 
evaluation of design ground motions; 
seismic site response analyses; 

evaluation of liquefaction potential and seismic settlements; 
seismic slope stability and deformation analyses; and 
seismic design of foundation and retaining structures. 

This document provides detailed information on basic principles and analyses and their applicability 
to particular problems. The document also provides general information on advanced design 
analyses, with reference to where detailed information on these analyses can be obtained. Design 
examples illustrating the principles and analyses described in this document are provided in a 
companion volume titled, "Geotechnical Engineering Circular No. 3, Design Guidance: 
Geotechnical Earthquake Engineering for Highways, Volume 11: Design Examples." 

This document has been prepared using up-to-date information. However, earthquake engineering 
is a rapidly evolving field. Codes and standards are updated at regular intervals and analysis 
procedures are revised and improved frequently. Furthermore, almost every major earthquake leads 
to modification, qualification, extensions, andlor improvements of some of the methods and 
techniques presented herein. Therefore, the geotechnical professional using this document is 
encouraged to consult the technical literature for recent advantages in geotechnical earthquake 
engineering relevant to his project prior to completing his design. 
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CHAPTER 1 

INTRODUCTION 

1.1 INTRODUCTION 

In the United States, design of constructed facilities to resist the effects of earthquakes is often 
considered a problem restricted to California or the western United States. However, historical 
records show that damaging earthquakes can, and do, also occur over broad areas of the eastern and 
central United States. Some of these historical eastern and central United States earthquakes have 
been truly major events, with intensities equal to or greater than that of the 1906 San Francisco 
earthquake, impacting areas far larger than the impact areas of major earthquakes that have occurred 
in the western United States in historical times (figure 1). 

\\\\ SHAKING FELT, BUT LITTLE DAMAGE TO OBJECTS 

2 MINOR TO MAJOR DAMAGE TO BUILDINGS AND THEIR CONTENTS 

Figure 1. Areas impacted by major historical earthquakes in the United 
States (after Nuttli, 1974, reprinted by permission of ASCE). 



The areas over which damaging earthquakes may reasonably be expected to occur cover more than 
40 percent of the continental United States (e.g., see the seismic risk maps in chapter 3 of this 
document). Until recently, highway facilities in many of these areas have not been designed for 
seismic loading. Seismic design concepts are therefore relatively new to highway engineers in these 
regions. Furthermore, the state-of-practice in earthquake engineering has evolved rapidly in the past 
25 years, as lessons learned from new earthquakes are incorporated into practice. 

The objective of this document is to provide general guidance to geotechnical engineers on the 
seismic design of highway facilities. This document is intended to supplement existing FHWA 
guidance documents on seismic design of bridges and other highway facilities. Therefore, detailed 
information on geotechnical aspects of seismic design is provided herein while other aspects are 
addressed by reference and only briefly addressed herein. Furthermore, it is assumed that the 
geotechnical engineer using this document is familiar with the static design of highway facilities. 
Accordingly, this document only focuses on those aspects of geotechnical investigation, analysis, 
and design that relate to seismic design. 

The practice of earthquake engineering continues to evolve rapidly. For instance, the coefficients 
for some of the acceleration attenuation relationships described in chapter 4 are updated on a yearly 
basis. A design engineer using this document should check the technical literature on geotechnical 
earthquake engineering for enhancements or modifications of the methods presented herein and for 
new developments in the field to be completely up to date. 

1.2 SOURCES OF DAMAGE IN EARTHQUAKES 

1.2.1 General 

Damage resulting from earthquakes may be directly attributable to the effects of the earthquake or 
may be an indirect result of direct earthquake damage. Likewise, direct damage from earthquakes 
may result from both the primary impacts from the earthquake (i.e., ground shaking and fault 
displacement) or from secondary impacts, like landslides and soil liquefaction, generated by the 
primary impacts. 

1.2.2 Direct Damage 

1.2.2.1 Classification of Direct Damage 

Damage that is directly linked to the effects of the earthquake is referred to as direct damage. 
Direct damage can be separated into two broad classes: primary damage due to strong shaking and 
fault rupture and secondary damage due to the effects of strong shaking and fault rupture. 



1.2.2.2 Primary Damage 

Primary damage is damage that is a direct result of strong shaking or  fault rupture. Primary damage 
attributable to strong shaking and fault rupture includes partial or total collapse of a structure. The 
magnitude of the damage due to strong shaking will depend on both the intensity of the motion and 
the frequency (or frequency content) of the motion. These factors, in turn, may depend upon the 
earthquake magnitude and source mechanism (e.g., strike-slip or thrust faulting), the location of the 
site with respect to the point of energy release of the earthquake (e.g., distance, azimuth), and the 
response characteristics of both the foundation for the impacted structure and the structure itself 
(e.g., natural period). Damage due to fault rupture depends upon the amplitude, spatial distribution 
(e.g., concentrated along a single strand or diffused across a zone), and direction (e.g., vertical or 
lateral) of the fault displacement. 

The relationship of the natural frequency of a structure (earthen or man-made) to the predominant 
frequency of the strong shaking generated at the site by the earthquake is an important factor 
influencing the damage potential of the ground motions. The predominant frequency of the strong 
shaking at the site is, in turn, influenced not only by the earthquake source mechanism, but also by 
travel path of the seismic waves from the source to the site and by the local geology and topography 
at the site. A notable example is the seismic response of the Mexico City sedimentary basin to 
distant earthquakes and associated structural damage to buildings. Both in the 1957 and 1985 
earthquakes, only certain buildings in selected areas of the city were damaged whereas other areas 
remained unaffected. 

Damage linked to vertical and horizontal fault displacement is most often associated with linear 
systems such as water lines, gas mains, roadways, and railways. Many of these linear systems 
provide essential services to the community and are therefore referred to as lifelines. Fault rupture 
will also impact structures that are constructed directly above the fault. 

1.2.2.3 Secondary Damage 

In addition to direct damage to constructed families and natural slopes caused by the inertial forces 
due to ground shaking and permanent ground displacement due to faulting, structures may also 
experience secondary damage as a consequence of direct damage induced by earthquake ground 
motions. For instance, the strong shaking may cause a landslide that damages a bridge or  viaduct. 
In some soils (e.g., saturated sands), strong shaking may cause a loss of soil strength or stiffness 
in level ground that results in settlement or lateral spreading of foundations and failure of earthen 
structures. Secondary damage due to earthquake ground motions is an important consideration for 
highway systems. Examples of secondary damage to highway facilities include: 

Damage due to landslides: There are numerous documented cases of landslides 
generated by earthquake ground motions. Ground movement associated with a 
landslide can cause structural damage to the superstructure or foundation of a 
highway facility, block roadways, and generate other types of secondary impacts 
(e . g . , seiches in reservoirs, rupture to pipelines). 
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Furthermore, in many cases, business trips to San Francisco were simply deferred or canceled, 
resulting in loss of business. Travel and tourism also suffered. Estimates of the cost of these 
indirect losses exceed $10 billion. Thus, the estimated indirect costs are greater than the estimated 
$6.5 billion cost of repairing the direct damage from the earthquake. Disruption of highway systems 
also contributed to delays in emergency response and recovery activities, possibly increasing direct 
damage, including loss of life and fire-related damage. 

1.3.2 Historical Damage to Highway Facilities 

The historical record of damage to highway facilities in major earthquakes does not begin until the 
1993 Long Beach earthquake since there were few major highway facilities prior to that time. 
However, the accounts of the impact of the 1906 San Francisco earthquake include reports of minor 
damage to railway tunnels from strong shaking (primarily at the tunnel portal) and numerous reports 
and pictures of damage to local thoroughfares induced by local ground failures that are now known 
to have been caused by liquefaction (see, e.g., Youd and Hoose, 1976). Furthermore, in 
earthquakes throughout history, there have been reports of landslides and mass soil movements 
blocking travel routes and disrupting commerce. 

At the time of the 1933 Long Beach earthquake, the Los Angeles freeway network had yet to be 
developed. Furthermore, the earthquake struck south of Los Angeles in, at the time, relatively 
sparsely populated Orange County. However, damage accounts from the earthquake include reports 
of disruption to the Pacific Coast Highway, the main thoroughfare between Long Beach and the 
coastal areas of Orange County, due to lateral spreading of the ground. The lateral spreading is 
now recognized as attributable to liquefaction. 

The first reports of major damage to structural elements of highway facilities due to earthquakes 
were from the 1964 Niigata and Alaska earthquakes. Numerous bridges were destroyed in both of 
these earthquakes by soil movements attributable to liquefaction (see, e.g., Ross et al., 1969). In 
fact, it was only after study of the damage induced by these earthquakes that liquefaction was 
recognized as an important phenomenon in earthquakes. 

The 1971 San Fernando earthquake was the first event in which major damage to highway facilities 
were not attributed to liquefaction or landslides. Damage to highway facilities in the San Fernando 
event included toppling of highway overpasses and structural damage to bridge piers and retaining 
walls. Following the San Fernando event, the engineering profession undertook a comprehensive 
reassessment of procedures and practices for seismic design of highway facilities. 

Significant damage to transportation systems was one of the major characteristics of the 1989 Loma 
Prieta earthquake. The collapse of a more than 1.5-km long section of elevated roadway on 
Interstate 880 (the Cypress Street Viaduct) along with the loss of a 15-m long span of the upper deck 
of the Bay Bridge linking San Francisco to Oakland resulted in both loss of life and major disruption 
to the transportation system. At both locations, amplification of the ground motions from the 
relatively distant earthquake by local soil conditions (i.e., soft to medium-stiff clay soils) 
significantly affected the seismic loads on the structure, contributing to its collapse. Of the 1,500 
highway bridges in the felt area of the Loma Prieta earthquake, 10 were closed due to structural 





facilities in these events emphasizes the continuing importance of consideration of effects of strong 
shaking, soil liquefaction, landslides, and local soil amplification. 

1.4 ORGANIZATION OF THE DOCUMENT 

General background information on the sources, types, and effects of earthquakes, including the 
definition of key terms used in earthquake engineering, is provided in Chapter 2. Chapter 3 of this 
document discusses seismic source characterization and provides information on readily available 
geological, seismological, and geophysical data. Chapter 4 describes the characterization of 
earthquake ground motions for use in engineering analysis. Details of geotechnical site 
characterization for seismic analyses are presented in Chapter 5. Seismic site response analyses are 
addressed in chapter 6, and methods for evaluating the seismic stability of slopes and embankments 
based upon the results of a seismic site response analysis are presented in chapter 7. Techniques 
for evaluating the liquefaction and seismic settlement potential of a site are discussed in chapter 8. 
Basic elements of the seismic design of retaining walls, spread footings, and piles are presented in 
chapter 9. References cited in the document are listed in chapter 10. 

Examples illustrating the application of the methods discussed in this document are presented in a 
companion volume titled, " Geotechnical Engineering Circular No. 3,  Design Guidance: 
Geotechnical Earthquake Engineering for Highways, Volume I1 - Design Examples. " 



CHAPTER 2 

EARTHQUAKE FUNDAMENTALS 

INTRODUCTION 

Earthquakes are produced by abrupt relative movements on fractures or fracture zones in the earth's 
crust. These fractures or fracture zones are termed earthquake faults. The mechanism of fault 
movement is elastic rebound from the sudden release of built-up strain energy in the crust. The 
built-up strain energy accumulates in the earth's crust through the relative movement of large, 
essentially intact pieces of the earth's crust called tectonic plates. This relief of strain energy, 
commonly called fault rupture, takes place along the rupture zone. When fault rupture occurs, the 
strained rock rebounds elastically. This rebound produces vibrations that pass through the earth 
crust and along the earth's surface, generating the ground motions that are the source of most 
damage attributable to earthquakes. If the fault along which the rupture occurs propagates upward 
to the ground surface and the surface is uncovered by sediments, the relative movement may 
manifest itself as surface rupture. Surface ruptures are also a source of earthquake damage to 
constructed facilities. 

2.2 BASIC CONCEPTS 

2.2.1 General 

Faults are ubiquitous in the earth's crust. They exist both at the contacts of the tectonic plates and 
within the plates themselves. in some areas of the western United States, it is practically impossible 
to perform a site investigation and not encounter a fault. However, not all faults are seismogenic 
(i.e., not all faults produce earthquakes). Faults that are known to produce earthquakes are termed 
active faults. Faults that at one time produced earthquakes but no longer do are termed inactive 
faults. Faults for which the potential for producing earthquakes is uncertain are termed potentially 
active faults. When a fault is encountered in an area known or suspected to be a source of 
earthquakes, a careful analysis and understanding of the fault is needed to evaluate its potential for 
generating earthquakes. 

2.2.2 Plate Tectonics 

Plate tectonics theory has established that the earth's crust is a mosaic of tectonic plates. These 
plates may pull apart from each other, override one another, and slide past each other. The motions 
of the tectonic plates are driven by convection currents in the molten rock in the earth's upper 
mantle. These convection currents are generated by heat sources within the earth. Plates grow in 
size at spreading zones, where the convection currents send plumes of material from the upper 



mantle to the earth's surface. Plates are consumed at subduction zones, where the relatively rigid 
plate is drawn downwards back into and consumed by the mantle. 

The major tectonic plates of the earth's crust are shown in figure 6 (modified from Park, 1983). 
There are also numerous smaller, minor plates not shown on this figure. The motions of these 
plates are related to the activation of faults, the generation of earthquakes, and the presence of 
volcanism. Most earthquakes occur on or near plate boundaries, in the so-called Benioflzone, the 
inclined contact zone between two tectonic plates that dips from near the surface to deep under the 
earth's crust, as illustrated in figure 7 (modified after Gere and Shah, 1984). Earthquakes also 
occur in the interior of the plates, although with a much lower frequency than at plate boundaries. 

Figure 6 .  Major tectonic plates and their approximate direction of 
movement (modified from Park, 1983, Foundations 
of Structural Geology, Chapman and Hall). 



Figure 7. Cross-section through tectonic plates in southern 
Alaska (after Gere and Shah, 1984). 

For the continental United States, the principal tectonic plate boundary is along the western coast 
of the continent, where the North American Plate and the Pacific Plate are in contact (see figure 6). 
In California, the boundary between these plates is a transform fault wherein the relative movement 
is generally one of lateral slippage of one plate past the other. Elsewhere along the west coast (e.g., 
off the coast of Oregon, Washington, and Alaska), the plate boundary is a subduction zone wherein 
one plate dives (subducts) beneath the other plate (as illustrated in figure 7). In the western interior 
of the United States, adjacent to the western edge of the American Plate, there may be subplates that 
have formed as a result of subcrustal flow. Earthquake sources in Utah and Montana may be 
attributable to such subplate sources. Earthquake source areas in the central and eastern United 
States and along the Saint Lawrence Valley are within the American Plate and are considered to be 
intraplate source zones. The mechanisms generating earthquakes in these intraplate zones are poorly 
understood, but may be related to relief of locked-in stresses from ancient tectonic movements, 
crustal rebound from the ice ages, re-adjustment of stress in the interior of the plate due to boundary 
loads, sediment load such as the Mississippi River basin, or other unrecognized mechanisms. 
Earthquakes in Hawaii are believed to be associated with an isolated plume of molten rock from the 
mantle referred to as a hot spot. 

The intensity and impact of earthquakes may be as great or greater in the plate interiors as they are 
at the active plate boundaries. The differences between plate boundary and intraplate earthquakes 
is in their geographic spread and the frequency of occurrence. Earthquake activity is much greater 
along the plate boundaries than in the plate interior. However, ground motions from intraplate 
earthquakes tend to attenuate, or dissipate, much more slowly than those from plate boundary 
events. Plate boundary faults are relatively longer than those in the plate interior and tend to be 
associated with a smaller stress drop (the stress drop is the sudden reduction of stress across the 
fault plane during rupture), longer duration of shaking, and a more frequent rate of earthquake 
occurrence. 

In a subduction zone, such as that along the coast of Oregon and Washington, there are faults that 
are both shallow and located within the over-riding crust (< 19 krn focal depth) and deep within the 
subducting plate (> 20 km focal depth). The subduction zone that now exists off the Washington 
and Oregon coast has been gradually migrating eastward for millions of years. A southern extension 



of it was consumed beneath California during the collision of the North American and Pacific plates 
ten to twenty million years ago. In the plate interior, faults may vary from shallow to deep. In 
California, the plate boundary is generally of the transform type, wherein the plates slide laterally 
past each other, and faults are relatively shallow (<20 km). 

2.2.3 Fault Movements 

Faults are created when the stresses within geologic materials exceed the ability of those materials 
to withstand the stresses. Most faults that exist today are the result of tectonic activity that occurred 
in earlier geological times. These faults are usually inactive, but faults related to past tectonism can 
be reactivated by present-day tectonism. 

Not all-faults along which relative movement is occurring are a source of earthquakes. Some faults 
may be surfaces along which relative movement is occurring at a slow, relatively continuous rate, 
with an insufficient stress drop to cause an earthquake. Such movement is called fault creep. Fault 
creep may occur along a shallow fault, where the low overburden stress results in a relatively rapid 
dissipation of stresses. Alternatively, a creeping fault may be at depth in soft andlor ductile 
materials that deform plastically. Also, there may be a lack of frictional resistance or asperities 
(non-uniformities) along the fault plane, allowing steady creep and associated release of the strain 
energy along the fault. Fault creep may also prevail where phenomena such as magma intrusion 
or growing salt domes activate small shallow faults in soft sediments, where faults are generated by 
extraction of fluids (e.g., oil or water in southern California) which causes ground settlement and 
thus activates faults near the surface, where movements are associated with steady creep in response 
to adjustments of tectonically activated faults, and where faults are generated by gravity slides that 
take place in thick, unconsolidated sediments. 

Active faults that extend into crystalline basement rocks are generally capable of building up the 
strain energy needed to produce, upon rupture, earthquakes strong enough to affect highway 
facilities. Fault ruptures may propagate from the crystalline basement rocks to the ground surface 
and produce ground rupture. However, in some instances, fault rupture may be confined to the 
subsurface with no breakage of the ground surface due to fault movement. Subsurface faulting 
without primary fault rupture at the ground surface is characteristic of almost all earthquakes in the 
central and eastern United States. In addition, several of the most recent significant earthquakes in 
the Pacific Coast plate boundary areas are due to rupture of thrust faults that do not break the 
ground surface, termed blind thrust faults. Strong shaking associated with fault rupture may also 
generate secondary ground breakage such as graben structures, ridge-top shattering, landslides, and 
liquefaction. While this secondary ground breakage may sometimes be interpreted as faulting, it 
is generally not considered to represent a surface manifestation of the fault. 

Whether or not a fault has the potential to produce earthquakes is usually judged by the recency of 
previous fault movements. If a fault has propagated to the ground surface, evidence of faulting is 
usually found in geomorphic features associated with fault rupture (e.g., relative displacement of 
geologically young sediments). For faults that do not propagate to the ground surface, geomorphic 
evidence of previous earthquakes may be more subdued and more difficult to evaluate (e.g., near 
surface folding in sediments or evidence of liquefaction or slumping generated by the earthquakes). 



If a fault has undergone relative displacement in relatively recent geologic time (within the time 
frame of the current tectonic setting), it is reasonable to assume that this fault has the potential to 
move again. If the fault moved in the distant geologic past, during the time of a different tectonic 
stress regime, and if the fault has not moved in recent (Holocene) time (generally the past 11,000 
years), it may be considered inactive. 

Geomorphic evidence of fault movement cannot always be dated. In practice, if a fault displaces 
the base of unconsolidated alluvium, glacial deposits, or surficial soils, then the fault is likely to be 
active. Also, if there is micro-seismic activity associated with the fault, the fault may be judged as 
active and capable of generating earthquakes. Microearthquakes occurring within basement rocks 
at depths of 7 to 20 lun may be indicative of the potential for large earthquakes. Microearthquakes 
occurring at depths of 1 to 3 krn are not necessarily indicative of the potential for large, damaging 
earthquake events. In the absence of geomorphic, tectonic, or historical evidence of large damaging 
earthquakes, shallow microtremors may simply indicate a potential for small or moderate seismic 
events. Shallow microearthquakes of magnitude 3 or less may also sometimes be associated with 
mining or other non-seismogenic mechanisms. If there is no geomorphic evidence of recent seismic 
activity and there is no microseismic activity in the area, then the fault may be inactive and not 
capable of generating earthquakes. 

The maximum potential size of an earthquake on a capable (active or potentially active) fault is 
generally related to the size of the fault (i.e., a small fault produces small earthquakes and a large 
fault produces large earthquakes). Faults contain asperities (non-uniformities) and are subject to 
certain frictional and geometric restraints that allow them to move only when certain levels of 
accumulated stress are achieved. Thus, each fault tends to produce earthquakes within a range of 
magnitudes that are characteristic for that particular fault. 

A long fault, like the San Andreas fault in California or the Wasatch fault in Utah, will generally 
not move along its entire length at any one time. Such faults typically move in portions, one 
segment at a time. An immobile (or "locked") segment, a segment which has remained stationary 
while the adjacent segments of the fault have moved, is a strong candidate for the next episode of 
movement. The lengths of fault segments may be interpreted from geomorphic evidence of prior 
movements or from fault geometry and kinematic constraints (e.g., abrupt changes in the orientation 
of the fault). 

Short, disconnected faults aligned en-echelon in sediments at the ground surface may well be 
continuous at depth, with their surface expression modified by the near surface geologic structure. 
Thus, the observed length of a group of such faults is often shorter than their true length. However, 
these groups of faults may also move in distinct segments. The lengths of these groups of short 
fault segments may be identified by the continuity of the geomorphic evidence. 

A variety of correlations between the size (magnitude) of an earthquake, the length or area of a fault 
plane, and the amount of displacement along the fault are available (Bonilla et al., 1984; de Polo 
and Slemmons , 1990; Hanks and Kanamori , 1979; Wesnousky , 1986; Woodward-Clyde Consultants, 
1979; Wyss, 1979). However, evaluation of fault segmentation and magnitude potential is a 
complex task that is best left to qualified geologists and seismologists and should not be attempted 
by unqualified geotechnical engineers. 



Finally, even in the best of circumstances, with a thorough understanding of local geology, 
geomorphology, and seismicity, one cannot assume that all active faults have been found. 
Engineering evaluations should be made in such a way that the potential for earthquakes from 
unknown faults is considered. For this purpose, floating or random earthquakes that can occur 
anywhere within a known earthquake zone are often used in engineering practice. 

2.3 DEFINITIONS 

2.3.1 Introduction 

A variety of different terms are used to describe earthquakes and their influence on the ground and 
on engineering structures. A summary of terms commonly used in earthquake engineering and that 
will be frequently used in this document is provided below. 

2.3.2 Type of Faults 

Faults may be broadly classified according to their mode, or style of relative movement. The 
principal modes of relative displacement are illustrated in figure 8 and are described subsequently. 

Strike Slip Faults 

Faults along which relative movement is essentially horizontal (i.e., the opposite sides of the fault 
slide past each other laterally), are called strike slip faults. Strike slip faults are often essentially 
linear (or planar) features. Strike slip faults that are not fairly linear may produce complex surface 
features. The San Andreas fault is a strike slip fault that is essentially a north-south linear feature 
over most of its length. Strike slip faults may sometimes be aligned in en-echelon fashion wherein 
individual sub-parallel segments are aligned along a linear trend. En-echelon strike slip faulting is 
sometimes accompanied by step over zones where fault displacement is transferred from adjacent 
strike slip faults. Ground rupture patterns within these zones may be particularly complex. 

Dip Slip Faults 

Faults in which the deformation is perpendicular to the fault plane may occur due to either normal 
(extensional) or reverse (compressional) motion. These faults are sometimes referred to as dip slip 
faults. Reverse faults are also referred to as thrust faults. Dip slip faults may produce multiple 
fractures within rather wide and irregular fault zones. Some dip slip fault zones may contain broad 
deformational features such as pressure ridges and sags rather than clearly defined fault scarps or 
shear zones (Hart, 1980). 
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Figure 8. Types of fault movement. 

Other Special Cases 

Faults that show both strike slip and dip slip displacement may be referred to as oblique slip faults. 
In some cases, due to changes in fault alignment, the type of a given fault may be mixed. A good 
example of this is in the vicinity of the so-called "big-bend" in the alignment of the San Andreas 
fault in California, where the fault, generally north-south trending, bends into a generally east-west 
alignment. In the vicinity of the big-bend, the generally strike slip lateral movement along the plate 
boundary is transferred into thrusting and compression, generating deformation perpendicular to the 
east-west trending fault plane. 



2.3.3 Earthquake Magnitude 

Earthquake magnitude, M, is a measure of the energy released by an earthquake. A variety of 
different earthquake magnitude scales exist. The differences among these scales is attributable to 
the earthquake characteristic used to quantify the energy content. Characteristics used to quantify 
earthquake energy content include the local intensity of ground motions, the body waves generated 
by the earthquake, and the surface waves generated by the earthquake. In the eastern United States, 
earthquake magnitude is commonly measured as a (short period) body wave magnitude, m,. 
However, the (long period) body wave magnitude, m,, scale is also sometimes used in the central 
and eastern United States. In California, earthquake magnitude is often measured as a local 
(Richter) magnitude, ML, or sutface wave magnitude, Ms. The Japan Meteorological Agency 
Magnitude (MIMA) scale is commonly used in Japan. 

Due to limitations in the ability of some recording instruments to measure values above a certain 
amplitude, some of these magnitude scales tend to reach an asymptotic upper limit. To correct this, 
the moment magnitude, M,, scale was developed by seismologists (Hanks and Kanamori, 1979). 
The moment magnitude of an earthquake is a measure of the kinetic energy released by the 
earthquake. M, is proportional to the seismic moment, defined as a product of the material rigidity, 
fault rupture area, and the average dislocation of the rupture surface. Moment magnitude has been 
proposed as a unifying, consistent magnitude measure of earthquake energy content. For this 
reason, moment magnitude is consistently used in this document to describe earthquake magnitude 
unless it is otherwise noted. Figure 9 (Heaton et al., 1986) provides a comparison of the various 
other magnitude scales with the moment magnitude scale. Note that in the magnitude range of 0 
to 6, moment magnitude M, is approximately equal to the local (Richter) magnitude ML, while in 
the magnitude range of 6 to 7.5, moment magnitude M, is approximately equal to the surface wave 
magnitude Ms. 

Moment Magnitude 

Figure 9. Comparison of earthquake magnitude 
scales (Heaton et al., 1986). 



2.3.4 Hypocenter and Epicenter 

The hypocenter (focus) of an earthquake is the point from which the seismic waves first emanate. 
Conceptually, it may be considered as the point on a fault plane where the slip responsible for an 
earthquake was initiated. The epicenter is a point on the ground surface directly above the 
hypocenter. Figure 10 shows the relationship between the hypocenter, epicenter, fault plane, and 
rupture zone of an earthquake. Figure 10 also shows the definition of the strike and dip angles of 
the fault plane. 

2.3.5 Zone of Energy Release 

The zone of energy release, sometimes referred to as the zone of seismogenic rupture, is the area 
on the fault plane from which the seismic waves that generate strong ground motions emanate. The 
zone of energy release is generally the portion of the rupture zone that is within crystalline rock. 
Therefore, even if the fault plane ruptures to the ground surface, the zone of energy release may 
not extend to the ground surface. 

Figure 10. Definition of basic fault geometry. 

2.3.6 Site-to-Source Distance 

Figure 11 provides definitions of various site-to-source distances commonly used to estimate 
earthquake-induced ground motions. In the eastern United States, epicentral distance, RE, is 



commonly used. In the western United States, the rupture distance, RR, the seismogenic distance, 
Rs, the hypocentral distance, RH, and, the so-called Joyner and Boore distance, R,, are commonly 
used. It should be noted that for the side on the hanging wall of a thrust fault (i.e., on the ground 
surface above the rupture plane), R, is equal to zero (see figure 11). 
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R, = EPICENTRAL DlSTANCE 
R, = CLOSEST DISTANCE TO THE FAULT PLANE (RUPTURE DISTANCE) 
R, = SOSMOGENIC DISTANCE 

& = HYPOCENTRAL DISTANCE 
R, = CLOSEST HORIZONTAL DISTANCE TO THE VERTICAL PROJECTION OF M E  FAULT PLANE 

Figure 11. Various distance measures used in earthquake engineering. 

2.3.7 Peak Ground Motions 

The intensity of earthquake-induced ground motion is often described by the peak value of the 
acceleration time history, the peak ground acceleration (PGA) . Peak ground velocity (PGV) and/or 
peak ground displacement (PGD) are also sometimes used as indices of earthquake damage potential. 
Peak ground motions are generally specified for the motions in the horizontal plane, as the 
horizontal ground motions generated by an earthquake tend to be the motions that cause the greatest 



damage. Figure 12 illustrates the acceleration, velocity, and displacement time histories from the 
horizontal component of an earthquake. The corresponding peak horizontal ground acceleration 
(PHGA), peak horizontal ground velocity (PHGV), and peak horizontal ground displacement 
(PHGD) values are indicated on figure 12 by solid dots. Both horizontal and vertical components 
of PGA, PGV, and PGD are commonly referred to as ground motion parameters. 
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Figure 12. Acceleration, velocity, and displacement time histories. 
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2.3.8 Response Spectrum 
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The response spectrum of an earthquake record is a plot of the maximum (acceleration, velocity or 
displacement) response of a series of linear single degree-of-freedom (SDOF) systems with the same 
damping, c, and mass, m, but variable stiffness, ki, to the specified ground motion (accelerogram). 
Development of an acceleration response spectrum is illustrated on figure 13. 



Figure 13. Schematic representation of acceleration response 
spectra (reproduced from MatasoviC, 1993). 



The undamped fundamental period, Ti, of each SDOF system used to develop the response spectrum 
is calculated as: 

The damping of the SDOF system is represented by the viscous damping coeficient, c, commonly 
referred to as the spectral damping. In geotechnical earthquake engineering, spectral damping is 
commonly assumed to be equal to 5 %. 

Response spectra are commonly calculated by commercial computer programs (e.g., Nigam and 
Jennings, 1968; Idriss et al., 1992). The spectral accelerations, S,, spectral velocities, S,, and 
spectral displacements, S,, can be presented in several graphical forms. The most common 
presentationisa p l ~ t  of the spectral values as a function of Ti, as illustrated on figure 13. 

In structural and retaining wall design, where spectral velocities or displacements may govern the 
design, presentation of the response spectrum as a tripartite spectral plot is common. An example 
of such a tripartite plot is shown on figure 14. A tripartite plot simultaneously displays S,, S,, and 
S, values for the selected spectral damping. For a given fundamental period, To, (or fundamental 
frequency fo = l/To), S,, S,, and S, are read from appropriate ordinates. For example, as indicated 
on figure 14, for To = 0.7 sec (fo = 1.4 Hz), S, = 0.19 g, S, = 0.25 mlsec, and S, = 0.03 m. 

PERIOD (sec) 

Figure 14. Tripartite representation of acceleration, velocity, 
and displacement response spectra. 



2.3.9 Attenuation Relationships 

An attenuation relationship describes the relationship between earthquake magnitude, site-to-source 
distance, and the peak or spectral value of a ground motion parameter (e.g., PHGA, PHGV, PHGD, 
S,, S,, or S,). Acceleration attenuation relationships (for both peak and spectral values) are most 
common. Attenuation relationships are usually developed by statistical analysis of ground motion 
parameters observed in previous earthquakes. The variability in the ground motion parameters for 
a given magnitude and distance is generally characterized by the standard deviation of the statistical 
data. This variability is usually assumed to be log-normally distributed (i.e., the logarithm of the 
parameter value is normally distributed). 

Numerous attenuation relationships can be found in the technical literature. Commonly used 
attenuation relationships are described in chapter 4. Figure 11 identifies the distance measures 
associated with the most common attenuation relationships used in engineering practice. 



CHAPTER 3 

SEISMIC HAZARD ANALYSIS 

3.1 GENERAL 

The process by which design ground motion parameters are established for a seismic analysis is 
termed the seismic hazard analysis. Seismic hazard analyses generally involve the following steps: 

identification of the seismic sources capable of strong ground motions at the project 
site; 

evaluation of the seismic potential for each capable source; and 

evaluation of the intensity of the design ground motions at the project site. 

Identification of seismic sources includes establishing the type of fault and its geographic location, 
depth, size, and orientation. Seismic source identification may also include specification of a 
random seismic source to accommodate earthquakes not associated with any known fault. 
Evaluation of the seismic potential of an identified source involves evaluation of the earthquake 
magnitude (or range of magnitudes, see section 3.3 .3)  that the source can generate and, often times, 
the expected rate of occurrence of events of these magnitudes. 

Identification of capable seismic sources together with evaluation of the seismic potential of each 
capable source may be referred to as seismic source characterization. Once the seismic sources are 
characterized, the intensity of ground motions at the project site from these sources must be 
characterized. There are three general ways by which the intensity of ground motions at a project 
site are assessed in practice. They are, in order of complexity: (1) use of local building codes and 
standards; (2) deterministic seismic hazard evaluation; and (3) probabilistic seismic hazard 
evaluation. Which particular approach is adopted may depend on the importance and complexity 
of the project and may be dictated by regulatory agencies. 

3.2 SEISMIC SOURCE CHARACTERIZATION 

3.2.1 Overview 

The importance of seismic source characterization cannot be overemphasized. Seismic source 
characterization forms the basis for the evaluation of potential ground motions for design analysis. 
Even if the intensity of the design ground motion is obtained from a building code or published map, 
seismic source characterization is still required for most geotechnical analyses to establish an 
earthquake magnitude for use in design. 



Seismic source characterization is best done as part of a comprehensive geologic and seismologic 
evaluation that includes review of pertinent literature, aerial photograph interpretation, geologic field 
reconnaissance, geologic mapping, and micro-seismicity evaluations. 

General information on regional seismic sources can usually be obtained from published information. 
Site specific studies may be required to characterize local seismic sources. Geophysical surveys, 
geologic mapping, and trenching are often useful for locating local faults and characterizing their 
seismic potential. However, such investigations may only identify those faults along which rupture 
has propagated to the ground surface. Buried faults without surface expression must also be 
considered in the characterization of seismic sources. A mirco-seismicity study (study of 
instrumentally-recorded earthquakes that are generally not felt and do not cause damage to 
structures) using data from local or regional seismic monitoring networks may be useful in 
evaluating the potential for buried faults in the project vicinity. 

3.2.2 Methods for Seismic Source Characterization 

Seismic sources are generally characterized on a fault-specific basis by geometry (location, length, 
dip angle, depth, and distance to the site), seismic potential (earthquake magnitude, activity, 
recurrence), and style of faulting (strike slip, dip slip, or oblique slip). In regions where the 
observed seismicity cannot be correlated with specific faults, broad area sources may be appropriate. 

An investigation to identify the seismic sources that may impact a given site typically includes both 
a review of available data and field geologic reconnaissance. Available data may include pertinent 
technical publications, university theses and research reports, maps, aerial photographs, and 
interviews with experts familiar with the region under study. Pertinent technical publications include 
maps prepared by the California Division of Mines and Geology (CDMG) identifying young faults 
in the western dates (e.g., Jennings, 1994), publications of the Seismological Society of America 
(e. g., SSA, l988), and regional reports from seismological networks and state geological surveys. 
A detailed summary of available sources of engineering geologic information is presented by 
Trautmann and Kulhawy (1983). 

Studies performed for siting of nuclear power plants and for high and low level radioactive waste 
disposal facilities can be a useful source of information on regional seismicity and geology. All 
applications for construction permits for nuclear generating stations are required to contain 
documentation on regional geology, including known faults and observed seismicity, within a 
320 kilometer radius of the site. This information can be found in the Preliminary Safety Analysis 
Report (PSAR) and the Final Safety Analysis Report (FSAR) for the project. These reports are 
available through the National Technical Information Service (NTIS) for all existing and many 
proposed nuclear generating stations. However, as many of these reports are more than 20 years 
old, more recent sources of information on regional seismicity and tectonics should be consulted. 
More recent information may be available from siting studies performed for low level radioactive 
waste repositories, regional landfills, and other important or critical facilities. 

Existing seismic networks often provide very detailed information about recent earthquakes within 
seismic impact regions. Such information typically includes the magnitude and epicentral location 



of all detected events and is commonly available plotted in map form. A detailed evaluation of each 
detected event may also be available. The presence of micro-seismic activity can also be used to 
infer the location of a subsurface seismic source. Information from most of the established seismic 
networks in the United States can be obtained for a nominal cost from the National Geophysical 
Data Center which is located in Boulder City, Colorado. 

Interpretation of aerial photographs can be particularly useful in identifying and locating potentially 
active faults. Sources of such photographs are discussed by Trautrnann and Kulhawy (1983). 
Evidence of active faults may be indicated in aerial photographs by geomorphic features such as 
fault scarps, triangular facets, fault scarplets, fault rifts, fault slice ridges, shutter ridges, and fault 
saddles (Cluff et al., 1972). Additional evidence can be provided by ground features such as open 
fissures, offsets in such features as fence lines, landscape features, mole tracks, and furrows, 
rejuvenated streams, folding or warping of young deposits, groundwater barriers in recent alluvium, 
and fault paths-onyoung surfaces. Usually a combination of such features is generated by recent 
fault movement at the ground surface. Note that many of the fault movement indicators require the 
presence of undisturbed surface soils at the site. Region that have limited surface soils due to 
geologic mechanisms or man's activities can provide a significant challenge in evaluating the recency 
of movement on existing faults. 

Seismic source identification almost always includes preliminary field reconnaissance. Preliminary 
field reconnaissance should be performed in the project vicinity using the following steps (modified 
after USEPA. 1993): 

Step 1: 

Step 2: 

Step 3: 

Walk the site and site vicinity to identify possible geomorphic or ground features 
that indicate faulting. 

Collect and interpret aerial photographs, such as low sun angle photographs, that 
use shadows to accentuate topographic differences, infrared photographs that 
indicate temperature differences containing surface moisture content, and color 
photographs to study slight color changes. 

Based on the above reconnaissance, draw a conclusion on the potential presence 
of active faults within the surveyed area. 

Seismic source characterization can be a complex task, particularly in areas where the information 
available in the technical literature is incomplete or insufficient. Evaluation of micro-seismicity, 
interpretation of aerial photographs, and field reconnaissance studies should be performed by a 
geologist, seismologist, or geotechnical professional experienced in these areas and not by an 
unqualified geotechnical engineer. 

3.2.3 Defining the Potential for Fault Movement 

Movement within the Holocene Epoch (approximately the past 11,000 years), is generally regarded 
as the criterion for establishing that a fault is active (e.g., CDMG, 1986; USEPA, 1993). However, 
it is possible that the recurrence interval for major earthquakes may exceed 11,000 years on some 



faults. Furthermore, since not all faults rupture the ground surface and geomorphic evidence of 
fault displacement can be obliterated by natural and man-made activities, it may not be possible to 
definitely establish whether or not a fault has moved in the past 11,000 years. Therefore, lack of 
evidence of Holocene movement may not in itself be sufficient grounds to dismiss a fault as inactive. 
Nevertheless, evidence that a fault has not moved in Holocene time is generally considered sufficient 
evidence to dismiss the potential for ground surface rupture. 

Most Holocene fault activity in North America has been west of the Rocky Mountains. Only two 
instances of ground surface rupture in the east of the Rocky Mountains in Holocene time have been 
conclusively established (the Meers fault in Oklahoma and the Ungava fault in Quebec). However, 
there have been several major earthquakes that caused widespread damage (e.g., Cape Ann, 
Massachusetts, 1775; New Madrid, Missouri, 1811 and 1812; and Charleston, South Carolina, 
1886) and numerous smaller events causing local damage (e.g., Attica, New York, 1929; Massena, 
New York, 1944; Miramichi, New Hampshire, 1982) in the eastern and central United States in the 
past 250 years. Most of these damaging eastern and central United States events have had surface 
manifestations in the form of landslides, soil liquefaction, and ground cracking. 

If the review of available geotechnical and seismological information and the preliminary site 
reconnaissance indicates the potential presence of active faults at the project site, then detailed 
geologic investigation may be required to establish the location of faults and the recency of fault 
movement in the vicinity of the site. A detailed geologic surface reconnaissance study may be 
sufficient to identify fault locations and assess the magnitude and direction of past fault movements. 
The detailed reconnaissance study may be supplemented, if necessary, by a subsurface field 
investigation. The field investigation may include the following: 

use of geophysical methods such as resistivity, seismic refraction, seismic reflection, 
or magnetic survey methods to identify potential fault locations; 

excavation of exploratory trenches across potential faults and through "marked" beds 
of geologic strata to allow the detailed examination of the trench walls for evidence 
of the presence or absence of earthquake-induced displacements and recovery of 
material for stratigraphic age dating; and 

use of vertical and angled borings to locate fault zones and recover material for 
stratigraphic age dating. 

The depth of the subgrade investigated by trenches and geophysical methods should be sufficient to 
encompass geologic activity within the Holocene Epoch, The depth of the boring may need to be 
significantly greater than the depth of Holocene strata if its purpose is to locate the fault trace. 
Radiocarbon dating of carbonaceous material encountered in the field investigation can be used to 
constrain the age of most recent fault offsets. A detailed description of soil-stratigraphic dating 
techniques is presented by Shlemon (1985). Sieh et al. (1989) describe the application of high- 
precision radiocarbon dating for chronological analysis of active faulting. Jibson (1985) describes 
field investigation of geomorphic evidence (e.g., landsliding, liquefaction) of earthquake activity in 
an area in the central United States where fault rupture did not propagate up to the ground surface. 
Establishing that recent displacement has or has not occurred is greatly complicated if a limited soil 





profile over rock exists at the site, for example, in glacially polished terrain or if the Holocene zone 
is absent or otherwise disturbed. 

3.2.4 Seismic Source Characterization in the Eastern and Central United States 

In recent years, seismologists have expressed significant concern regarding the lack of understanding 
of the source of earthquakes, referred to as seismogenesis, in the eastern and central United States. 
Plate tectonic theories do not adequately explain the mechanisms associated with intra-plate 
earthquakes. Recent workshops and seminars on the seismogenesis and seismicity of the eastern 
United States (SSA, 1988; ATC, 1994) have shown that some widely accepted views on earthquake 
origins are inconsistent with recent observations and that a global perspective may be required to 
understand intra-plate seismogenesis. These concerns are beyond the scope of this document. It 
is, however, important to recognize several observations regarding earthquakelfault considerations 
in the eastern and central United States. These observations are described below. 

Earthquake source zones do appear to be related to subsurface crustal structure. 
However, these source zones do not appear to be related to surface expressions of 
faulting (ATC, 1994). 

The relationship between intra-plate earthquakes and the potential for surface faulting 
remains in question. This is in part due to the lack of either accumulated strain or 
recorded significant seismic events in the eastern and central United States. 

Detailed comparison of earthquake hypocenters and known surface fault locations 
have failed to indicate a correlation (Hynes et al., 1988). 

Only two faults on which fault rupture has propagated to the ground surface during 
the Holocene Epoch have been identified in North America east of the Rocky 
Mountains. 

Current understanding of seismogenesis east of the Rocky Mountains strongly suggests that 
significant field reconnaissance efforts to define seismically active faults in this region may not be 
useful. The region where faults capable of rupturing the ground surface may be encountered reaches 
from the West Coast to the Meers fault in Oklahoma but clearly excludes most of the Midwest and 
all of the eastern United States. Therefore, seismic source characterization for the eastern and 
central United States depends primarily on micro-seismicity studies and the historic record of felt 
earthquakes with no direct surface expression of faulting. 



3.3 DETERMINATION OF THE INTENSITY OF DESIGN GROUND MOTIONS 

3.3.1 Introduction 

Once the seismic sources capable of generating strong ground motions at a project site have been 
identified and characterized, the intensity of the ground motions which may be generated at the site 
are evaluated for use in design. Design ground motions can be evaluated in three different ways: 

from published codes and standards; 

from a deterministic seismic hazard analysis; or 

from a probabilistic seismic hazard analysis. 

3.3.2 Published Codes and Standards 

Information used for seismic source characterization can often be obtained from published codes and 
standards (e.g., local building codes, publications of the United States Geological Survey (USGS), 
or various state agencies). Published codes and standards are often used because they provide 
credibility for the designer and may give the engineer a feeling of security. However, due to the 
lag time between development and publication, published codes and standards may not incorporate 
recent developments on local or regional seismicity. Furthermore, published codes and standards 
are usually based upon rather broad, regional analyses and may not reflect local, site-specific 
conditions. 

Building Codes often contain a seismic zone map that includes minimum required seismic design 
parameters. For example, the Applied Technology Council (ATC) map shown in figure 15 in a 
reduced size format divides the United States into five zones that reflect the expected intensity of 
shaking in each zone. Typically, seismic coefficients for use in structural analyses are associated 
with the seismic zones presented on the map. An example of such a map is shown in figure 16 
(UBC, 1994). The seismic coefficients associated with these zones usually represent "effective" 
ground motions for structural analyses and are not suitable for use in geotechnical analyses. 
However, codes may occasionally provide minimum values of the seismic coefficient for use in 
slope stability analyses. In using building codes, it should be kept in mind that building codes are 
generally intended to mitigate collapse and loss of life and not necessarily prevent damage, and that 
a code presents a minimum standard of care for design. 

Some published codes and standards provide information on the expected value of the peak 
earthquake ground motions. The California Department of Transportation (CALTRANS) has 
developed a statewide map showing the peak ground acceleration in bedrock from the Maximum 
Credible Earthquake (MCE) (Mualchin and Jones, 1992; updated by Mualchin, 1995). The MCE 
is the regulatory design-basis earthquake in California for major bridges (e.g., toll bridges) and 
other important facilities (e.g., hospitals, earth dams). The USGS map presented in figure 17 
presents the estimated peak ground acceleration for a hypothetical bedrock outcrop at a project site 



Figure 15. Effective peak acceleration levels (in decimal fractions of 
gravity) with a 1 in 10 chance of being exceeded during a 50- 
year period (ATC, 1978, reprinted by permission of ATC). 
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Figure 16. Map and table for evaluation of UBC seismic zone factor, Z 
(Reproduced from the Uniform Building Code", copyrighta 
1994, with the permission of the publisher, the International 
Conference of Building Officials). 



with a 90 percent probability of not being exceeded in 50 years. USGS also provides maps for 10- 
and 50-year exposure periods and for the peak ground velocity (Algermissen et al., 1982, 1991). 
Maps that provide spectral acceleration values for specified spatial periods are currently being 
deployed by the USGS under the National Earthquake Hazard Reduction Program (NEHRP). If 
bedrock is not present at or near the ground surface, values from the CALTRANS or USGS maps 
may need to be modified to account for local site conditions. 

The procedure for seismic hazard analysis using a published map is relatively simple: 

Step 1: Read the design peak ground acceleration from the map. 

Step 2: Assign a corresponding magnitude and distance to the peak design ground 
acceleration using information on regional seismic sources. 

However, the CALTRANS, USGS, and other common seismic hazard maps typically do not provide 
information on the magnitude, distance, or duration of the earthquake associated with the map 
acceleration values. In fact, the acceleration values provided by the USGS maps are typically 
composed of contributions of earthquakes of many different magnitudes at many different distances. 
These maps provide a statistical estimate of the peak ground acceleration based on the estimated 
frequency of earthquakes of the various seismic sources considered in the analysis. For many 
geotechnical analyses, knowledge of earthquake magnitude and, in some cases, distance andlor 
duration, is required. Therefore, if the USGS or CALTRANS map acceleration is to be used in a 
geotechnical analysis, a means of assigning a representative magnitude to the design event may be 
needed. 

Another problem associated with using a map acceleration in a geotechnical analysis is that the 
earthquake generating the maximum peak ground acceleration at a site may not necessarily be the 
most damaging earthquake. An earthquake of lesser peak intensity but greater duration may be 
more damaging than the event associated with the maximum peak ground acceleration. In such 
cases, it may prove necessary to perform a site-specific seismic risk analysis. 

Despite these shortcomings, peak acceleration values derived from published maps can be, and often 
are, used in geotechnical practice. Information on the location and magnitudes of earthquake 
sources can be obtained from either background information published with the map or from other 
sources of information. For example, Mualchin and Jones (1992) include a listing of seismic 
sources and maximum magnitudes used to develop the CALTRANS map. Information on 
earthquake magnitudes associated with USGS map shown in figure 17 can be found in Algermissen 
et al. (1982). Figure 18 is a more recent map of seismic sources for the central United States. The 
map in figure 18 includes information on the maximum magnitude earthquake associated with each 
source zone, expressed in terms of body wave magnitude. Figure 19 is another example of a recent 
seismic source zone map. T h i ~  map, developed especially for the central and eastern united States, 
and accompanying detailed information on source and background zones and earthquake magnitudes, 
can be found in a comprehensive, ten-volume seismic hazard study by EPRI (1986). 



Figure 17. Peak horizontal ground acceleration in bedrock with a 10 percent probability of 
exceedance in 50 years (after Algermisen et al., 1982; 1991). 
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Figure 18. Seismic source zones in the central United States (Johnston 
and Nava, 1994, reprinted by permission of ATC). 



Figure 19. Seismic source zones in the central and eastern United 
States (EPRI, 1986, reprinted by permission of ATC). 

In using background zone and magnitude information to supplement PGA data from USGS, EERI, 
and other maps, the prudent engineer generally makes conservative assumptions to compensate for 
the uncertainty associated with published map data. For instance, the engineer may select the largest 
magnitude associated with the governing source zone for his project and locate it at the point within 
the zone closest to his site. If the governing source zone is uncertain, he may include multiple 
source zones in his analysis. 

3.3.3 The Deterministic Approach 

The objective of a deterministic seismic hazard analysis is to evaluate the magnitude of ground 
motion parameters (usually peak ground acceleration and acceleration response spectra) at a specific 
site from all the capable seismic sources with the potential for generating strong ground motions at 
the site. In some cases, particularly when soft soils capable of amplifying ground motions from 



earthquakes are present at the site, the seismic hazard analysis may include sources located over 
100 lun from the site. 

In a deterministic seismic hazard analysis, the engineer or geologist performing the analysis first 
identifies the capable seismic sources and assigns a maximum magnitude to each source. Then, the 
intensity of shaking at the site from each capable source is calculated and the design earthquake is 
identified based on the source capable of causing the greatest damage. The steps in a deterministic 
seismic hazard analysis are as follows: 

Step 1: Establish the location and characteristics (e.g., style of faulting) of all potential 
earthquake sources that might affect the site. For each source, assign a 
representative earthquake magnitude. 

Step 2: Select an appropriate attenuation relationship and estimate the ground motion 
parameters at the site from each capable fault as a function of earthquake 
magnitude, fault mechanism, site-to-source distance, and site conditions. 

Step 3: Screen the capable (active) faults on the basis of magnitude and the intensity of 
the ground motions at the site to determine the governing source. 

Engineers or engineering geologists performing deterministic seismic hazard analyses should 
consider all reasonable interpretations, models, and values in characterizing the seismic source 
zones. While all capable sources are usually treated equally in a deterministic analysis regardless 
of their likelihood of occurrence, the likelihood of occurrence may enter into the determination of 
whether or not a fault is capable of generating earthquakes of specified magnitudes. For instance, 
some bridges in California have been designed for the Maximum Probable Earthquake (MPE) 
defined by the California Division of Mines and Geology (CDMG) as the maximum earthquake 
anticipated in the next 100 years (CDMG, 1975). Therefore, active faults with long recurrence 
intervals may not be considered in evaluating the MPE, and the MPE magnitude may not be the 
largest magnitude earthquake of which the fault is capable. 

Screening for the most damaging event in a deterministic seismic hazard analysis is typically based 
upon magnitude, intensity, and distance wherein events of smaller magnitude and lower intensity 
than events closer to the source are eliminated from consideration. However, it may not be possible 
to establish a single event that is most damaging based on the results of a deterministic analysis, as 
this process can result in a family of design events of increasing magnitude and distance with 
decreasing intensity. As there is no general method for evaluating the relative damage potential of 
one event with a large magnitude and low intensity compared to a smaller magnitude event of higher 
intensity, it may be necessary to consider multiple events in subsequent engineering analysis (unless 
the intensity discrepancy is so great or the magnitudes are so close that the choice is obvious). 

Screening capable seismic sources on the basis of magnitude and distance prior to evaluating the 
intensity of ground motions at the site is not recommended as it can lead to errors due to the 
dependence of the mode of faulting on the intensity of ground motions. It is generally assumed that 
thrust faults generate higher intensity ground motions than strike slip faults of the same magnitude 



at the same distance. Therefore, if the family of capable (active) faults includes faults with different 
modes of behavior, faults should not be screened on the basis of magnitude and distance only. 

The intensity of the earthquake ground motions at the site generated by a capable (active) fault (or 
seismic zone) is evaluated using an attenuation relationship. Attenuation relationships that 
discriminate between different styles of faulting and between rock and soil sites are available. 
However, attenuation relationships associated with soil sites typically have greater uncertainty 
assigned to them than rock site attenuation relationships due to the greater observed variability in 
ground motions at soil sites. Therefore, it is generally more desirable to use attenuation 
relationships developed for rock sites in a seismic hazard analysis for a geotechnical problem and 
then to perform a site-specific analysis of the impact of local soil conditions on the design ground 
motions rather than to use a soil site attenuation relationship. Attenuation relationships are described 
in more detail in chapter 4. Site-specific seismic response analyses are described in chapter 6 .  

3.3.4 The Probabilistic Approach 

A probabilistic seismic hazard analysis incorporates the likelihood of a fault rupturing and the 
distribution of earthquake magnitudes associated with fault rupture into the assessment of the 
intensity of the design ground motion at a site. The objective of a probabilistic seismic hazard 
analysis is to compute, for a given exposure time, the probability of exceedance corresponding to 
various levels of a ground motion parameter (e.g., the probability of exceeding a peak ground 
acceleration of 0.2 g in a 100-year period). The ground motion parameter may be either a peak 
value (e.g., peak ground acceleration) or a response spectra ordinate associated with the strong 
ground motion at the site. The probabilistic value of the design parameter incorporates both the 
uncertainty of the attenuation of strong ground motions and the randomness of earthquake 
occurrences. A probabilistic seismic hazard analysis usually includes the following steps: 

Step 1: Identify the seismic sources capable of generating strong ground motion at the 
project site. 

Step 2: Determine the minimum and maximum magnitude of an earthquake associated 
with each source. While the maximum magnitude is a physical parameter related 
to the fault dimensions, the minimum magnitude may be related to both the 
physical properties of the fault and the constraints of the numerical analysis.' Use 
of a minimum magnitude less than 4.5 is not recommended, even if the seismic 
source is capable of generating smaller magnitude events, as inclusion of such 
small magnitude events can result in misleadingly high response values for 
extreme (low) probabilities of exceedance. 

Step 3: For each source, assign a frequency distribution of earthquake occurrence to the 
established range of magnitudes. 

Step 4: For each source, assign an attenuation relationship on the basis of the style of 
faulting. Uncertainty is usually assigned to the attenuation relationships based 
upon statistical analysis of attenuation in previous earthquakes. 



Step 5: Calculate the probability of exceedance of the specified ground motion parameter 
for a specified time interval by integrating the attenuation relationship over the 
magnitude distribution for each source and summing up the results. 

The Gutenberg-Richter magnitude-recurrence relationship (Gutenberg and Richter, 1942) is the 
relationship used most commonly to describe the frequency distribution of earthquake occurrence. 
This relationship, presented in figure 20 (after Schwartz and Coppersmith, 1984) for the San 
Andreas Fault in southern California, describes an exponential-magnitude distribution relationship 
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Figure 20. Cumulative frequency-magnitude plot of instrumental seismicity; San Andreas Fault 
South-Central Segment data (after Schwartz and Coppersmith, 1984 Fault Behavior 
and Characteristic Earthquakes: Examples from the Wasatch and San Andreas Fault 
Zones," Journal of Geophysical Research, Vol. 89, No. 87, pp. 5681-5698, 
published by the American Geophysical Union). 

that corresponds to a straight line when magnitude versus the number of events (cumulative number) 
per year is plotted on semi-log paper. Because the historical record of large magnitude events with 
long recurrence intervals is "incomplete" (statistically non-representative due to the limited period 



over which records are kept), the Gutenberg-Richter recurrence relationship is often constructed 
using data for relatively low magnitude earthquakes and projected to predict the frequency of large 
earthquakes for which incomplete data exists. 

An alternative method for establishing the magnitude-frequency of occurrence distribution for a 
seismic source is to use the geologic data on the historic occurrence of earthquakes and on regional 
tectonic movements. For some faults (e.g., the San Andreas fault zone in southern California, see 
figure 20), field studies may provide reliable information on the magnitude and frequency of 
occurrence of major earthquakes. However, such instances are likely to be limited to a few major 
faults in the western United States. Alternatively, stratigraphic and seismologic data may be used 
to estimate regional tectonic deformation rates. These regional deformation rates may then be 
apportioned to individual faults and used to establish the magnitude-frequency of occurrence 
relationship for each individual fault. In many areas, this may be the only means of establishing 
the recurrence rate of major earthquakes, particularly for buried faults or faults with low rates of 
occurrence. 

Seismicity that is not associated with known faults is typically incorporated into a probabilistic 
seismic hazard analysis using a "random" area source. A "random" earthquake is assigned an equal 
likelihood of occurrence at any point within the area source. The minimum and maximum 
magnitudes and the rate of occurrence are usually based upon the historical record for earthquakes 
associated with faults not recognized prior to the event. The depth or depth range for the random 
earthquakes is typically based upon the depth at which micro-seismicity is observed to occur in the 
region. 

Most probabiIistic seismic hazard analyses are designed to provide information on the intensity of 
ground motions for design only, and not on the magnitude associated with the design intensity. 
Information on the distribution of magnitudes associated with the design intensity can be obtained 
from a probabilistic seismic hazard analysis. However, most commercially available computer 
programs do not readily provide this information. Furthermore, even if information on the 
distribution of earthquake magnitudes associated with the design intensity is available, there is no 
generally agreed upon method for determining the design magnitude from this information. 

Figure 21 illustrates the magnitude-distance distribution associated with the peak ground acceleration 
from a probabilistic seismic hazard analysis. In lieu of a generally accepted procedure for 
determining the design magnitude from a magnitude distribution like the one presented in figure 21, 
engineering judgement is required to determine the design magnitude. For many projects, 
considering that the design acceleration is already based upon a low probability of occurrence, the 
expected magnitude value (the 50th percentile value) associated with the design acceleration may be 
used. Alternatively, a conservative approach in which the maximum magnitude or the magnitude 
with a 10 percent probability of being exceeded may be appropriate for some projects. 

Additional information on procedures for performing both deterministic and probabilistic seismic 
hazard evaluations can be found in Krinitzsky et al. (1993). 
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Figure 21. Magnitude-distance distribution for a specified peak ground acceleration 
(Moriwaki et al . ,  1994, reprinted by permission of ATC). 



CHAPTER 4 

GROUND MOTION CHARACTERIZATION 

4.1 BASIC GROUND MOTION CHARACTERISTICS 

Results of the seismic hazard analysis will establish the peak horizontal ground acceleration (PHGA) 
for use in design analysis. However, PHGA is only one of the characteristics of the earthquake 
ground motion at a site that influence the potential for damage. The damage potential of 
seismically-induced ground motions may also depend upon the duration of strong shaking, the 
frequency content of the motion, the energy content of the motion, peak vertical ground acceleration 
(PVGA), peak ground velocity and displacement, and the intensity of the motion at times other than 
when the peak acceleration occurs, as elaborated below. 

The acceleration response spectrum is one commonly used index of the character of earthquake 
ground motions. An acceleration response spectrum provides quantitative information on both the 
intensity and frequency content of the acceleration time history. However, while widely used in 
structural engineering, response spectra are of limited use in geotechnical analysis. The primary 
application of response spectra to geotechnical practice is as an aid in selection of time histories for 
input to site response and deformation analyses, for comparison of accelerograms, and for 
illustration and evaluation of the influence of local soil conditions on ground motions. 

Other parameters used less frequently than PHGA and the acceleration response spectrum to describe 
the character of earthquake ground motions include various measures of the duration and energy 
content of the acceleration time history. Duration is sometimes expressed directly as the length of 
time from the initiation of strong shaking to its cessation. Alternatively, indirect measures of 
duration, including the number of equivalent cycles and the number of positive zero crossings of the 
acceleration time history, are sometimes employed in earthquake engineering practice. 

The energy content of the strong ground motion may be expressed in terms of the root-mean-square 
(RMS) and duration of the acceleration time history or in terms of the Arias intensity. The RMS, 
discussed in detail in section 4.4, represents an "average" or representative value for the acceleration 
over the defined duration of the strong ground motion. The Arias intensity is the square of the 
acceleration integrated over the duration of the motion. The time history of the normalized Arias 
intensity, referred to as a Husid plot, is sometimes used to define the duration of strong shaking. 

These various indices of the character of strong ground motions (ground motion parameters) 
commonly used in engineering practice are defined and described in this chapter. Following their 
definition and description, procedures for using these indices for selection of representative time 
histories to characterize earthquake ground motions at a site are presented. 



4.2 PEAK VALUES 

4.2.1 Evaluation of Peak Parameters 

Peak horizontal ground acceleration (PHGA) is the most common index of the intensity of strong 
ground motion at a site. The PHGA is directly related to the peak inertial force imparted by strong 
shaking to a structure founded on the ground surface and to the peak shear stress induced within the 
ground itself. Peak vertical ground acceleration (PVGA), peak horizontal ground velocity (PHGV), 
and peak horizontal ground displacement (PHGD) are also used in some engineering analyses to 
characterize the damage potential of ground motions. For instance, PHGV is a common index of 
structural damage and PHGD may be used in analyses of retaining walls, tunnels, and underground 
pipelines. PVGA is an important parameter in the design of base-isolated structures. 

Peak values for design analyses are evaluated on the basis of the seismic hazard analysis. For major 
projects, a site or project specific seismic hazard analysis may be performed. Alternatively, results 
from published regional seismic hazard analyses or from seismic hazard analyses performed for 
previous projects in the same vicinity may be used. Most published seismic hazard maps tend to 
be probabilistic in nature. Both deterministic and probabilistic project-specific analyses are used in 
practice. 

4.2.2 Attenuation of Peak Values 

A key step in both deterministic and probabilistic seismic hazard analyses is calculation of the 
ground motion parameter of interest at a given site from an earthquake of a given magnitude and 
site-to-source distance. These ground motion parameter values are typically evaluated using an 
attenuation relationship, an equation that relates the parameter value to the key variables on which 
the ground motion parameter depends (e.g., earthquake magnitude, site-to-source distance, style of 
faulting). Attenuation relationships may be developed either from statistical analyses of values 
observed in previous earthquakes or from theoretical models of the propagation of strong ground 
motions. These observations and analyses indicate that the most important factors influencing peak 
values of earthquake strong ground motions at a site are the magnitude of the earthquake, the 
distance between the site and the earthquake source, the style of faulting, and local ground 
conditions (e .g., rock or soil site conditions). 

There are many different attenuation relationships that have been proposed. Campbell (1985), 
Joyner and Boore (1988), and Atkinson and Boore (1990) provide excellent summaries of many of 
the available attenuation relationships. 

A large number of attenuation relationships are available for the western united States. These 
attenuation relationships are based primarily on statistical analysis of recorded data. For the eastern 
and central United States, where little to no recorded strong motion data are available for statistical 
analysis, relatively few attenuation relationships are available. The few attenuation relationships that 
do exist for the eastern and central United States are based primarily upon theoretical models of 
ground motion propagation due to the lack of observational data. 



Even when restricted to a relatively narrow geographic locale like the northwestern United States, 
there may still be a need to use different attenuation relationships for different tectonic conditions. 
For example, Youngs et al. (1988) found differences in attenuation of ground motions between 
earthquakes occurring along the interface between the subducting Juan de Fuca tectonic plate and 
the North American plate (interplate events) and earthquakes occurring within the subducting Juan 
de Fuca plate (intraplate events) in the Pacific northwest (see figure 6). 

PHGA attenuation relationships for shallow earthquakes that occur at the interface between the 
Pacific and American tectonic plates in the western United States have been developed by many 
investigators, including Campbell and Duke (1974), Campbell (1993), Campbell and Bozorgnia 
(1994), Boore et al. (1993), Boore and Joyner (1994), Sadigh et al. (1993), Geomatrix (1995), Silva 
and Abrahamson (1993), Abrahamson and Silva (1996), and Idriss (1995). Table 1 presents a 
summary of commonly used PHGA attenuation relationships in the western United States. These 
relationships consider earthquake magnitude, site-to-source distance, and local ground conditions 
(soil or rock). These relationships may also discriminate on the basis of style of faulting, as 
statistical analysis shows that reverse (thrust) fault events generate peak ground accelerations 
approximately 20 to 30 percent greater than strike-slip events of the same magnitude at the same 
distance. Figure 22 compares mean value PHGA attenuation curves for magnitude 6.5 and 8.0 
events on a strike-slip fault calculated by three commonly used attenuation relationships for western 
United States earthquakes. 

Different attenuation relationships than those used for shallow crustal earthquakes are used for the 
subduction zone earthquakes that occur along the Pacific Coast in Alaska, Washington, Oregon, and 
the northwest corner of California. For subduction zone earthquakes, PHGA attenuation 
relationships by Cohee et al. (1991) and Youngs et al. (1988) are often used in earthquake 
engineering practice. Table 2 presents the relationships for attenuation of PHGA in subduction zone 
earthquakes developed by Cohee et al. (1991) and Youngs et al. (1988). 

With respect to differences in ground motion attenuation between the western United States and the 
eastern and central United States, it is generally agreed that ground motions east of the Rocky 
Mountains attenuate more slowly than ground motions in the west. However, due to the much 
lower rates of seismicity and the absence of large magnitude earthquakes since the deployment of 
strong motion accelerographs in the eastern and central United States, there is insufficient data to 
characterize the attenuation of strong ground motions east of the Rocky Mountains using statistical 
methods. Therefore, attenuation relationships used for earthquakes occurring in eastern and central 
United States are based upon theoretical modeling of ground motion attenuation. Attenuation 
relationships for the eastern and central United States commonly used in engineering practice include 
relationships developed by Nuttli and Herrmann (1984), Boore and Atkinson (1987), McGuire et 
al. (1988), Boore and Joyner (1991), and Atkinson and Boore (1995). 

Figure 23 compares typical PHGA attenuation relationship for the eastern and central United States 
to that used in the western United States (dashed lines). 



Table 1. Attenuation relationships for the western United States. 

Reference''' 

Joyner and Boore (1988); 
Boore et al. (1993) 

Schnabel and Seed (1973) 

Campbell and Duke (1974) 

Kavazanjian et al. (1985a) 

Idriss (1993; 1995) 

Magnitude Measurea) Distance Measure"' Li~nitation'~) 

Mm 

Ms 

M, 

M,ifM < 6 
Ms i f M  > 6 

Geornatrix (1 99 1 , 1995); 
Sadigh et al. (1993); 
Silva and Abrahamson (1993); 
Abrahamson and Silva (1 996) 

Campbell (1990; 1993); 
Campbell and Bozorgnia 
( 1994) 

Closest Horizontal Distance to the 
Vertical hojection of the Rupture Zone, 
R, 

M, 

M, i fM < 6 
M s i f M  > 6 

Closest Horizontal Distance to the Zone 
of Energy Release, RE 

Hypocentral Distance, R, 

Closest Distance to the Rupture Zone, RR 

Closest Distance to the Rupture Zone, RR 

~p - -- -- 

0 < R, r 80 km 
! 

Closest Distance to the Rupture Zone, RR 

Notes: (1) Table lists main references and their latest updates. The following references also include coefficients for spectral values: Joyner and Boore (1988); 
Geomatrix (1991. 1995); Campbell (1990. 1993); and Idriss (1993). Relationship by Schnabel and Seed (1973) is shown by dashed lines in figure 23. 
Relationship by Kavazanjian et al. (1985) is shown in figure 26. See equation 4-4 for Campbell and Duke (1974) relationship. 

(2) M, = Moment Magnitude, M, = Local (Richter) Magnitude, M, = Surface Wave Magnitude. Note that for M < 6, M, = M, and for M > 6, 
M, = k. 

(3) Refer to the original references for detailed definition of distance measures. Note that for desien, it is commonly asssumed that the rupture zone equals 
to the area of the fauh plane. 

(4) I, = Arias Intensity, as defined in chapter 4.5; RMSA = Root Mean Square Acceleration as defined in chapter 4.4. 
(5) Magnitude measure was not specified by Schnabel and Seed (1973). 
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Figure 22. Comparison of attenuation relationships 
by various investigators. 



Table 2. Attenuation relationship for subduction zone earthquakes. 

Reference 

I Youngs et al. (1988) I ln(PGA)=19.16+l.045Mw-4.738lnIR,+154.7exp(0.l323Mw)] 
20 < RH I 40 lan 

Youngs et al. (1988) 

Attenuation Relationship Limitation'') 

ln(PGA) = 19.16 + 1 .045Mw - 4.738 In&, + 205.5exp(0.0968Mw)] + 0.542, 

Cohee et al. (1991) 

Notes: M, = Moment magnitude. 
RH = Hypocentral distance. 
R, = Closest distance to the rupture zone (fault plane). 
Rs = Seismogenic distance (closest distance from the fault asperity). 
Z, = The tectonics term in Youngs et al. (1988). Equal to 0 for interplate events, and 1 for intraplate events. 
s = The site term in Cohee et al. (1991) relationship. Equal to 0 for rock sites and 1 for soil sites. 
( I )  = Refer to the original references for detailed description of distance measures and limitations. 

20 < RH I 40 km 
M, 1 8 

Cohee et al. (1991) 

ln(PGA) = 1.5 - 3.33 ln(Rs + 128) + 0.79s 25 < Rs < 175 km 
M, 5 8 

ln(PGA) = 2.8 - 1.26 ln(RR) + 0.79s 
30 < R, < 100 

km 
M, > 8 
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Figure 23. Comparison of attenuation relationship for eastern and central United 
States to attenuation relationship for western United States. 
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Factors other than distance, magnitude, and style of faulting may influence the attenuation of strong 
ground motions. These factors include depth of earthquake hypocenter, the strike and dip of the 
fault plane (see figure lo), location of the site relative to the hanging and foot walls of a thrust fault 
(see figure 1 I),  rupture directivity effects, topographic effects, depth to crystalline bedrock, velocity 
contrasts, asperities on the rupture surface, wave reflection, wave refraction, and wave scattering. 
Most of these factors are second and third order effects that are not explicitly considered in 
attenuation relationships and can only be accounted for by detailed seismologic modeling. 

4.2.3 Selection of Attenuation Relationships 

The engineer choosing an attenuation relationship for use in practice should keep in mind that new 
attenuation relationships are regularly being developed. Many of the investigators who have 
developed attenuation relationships for the western United States revise their relationships after 
almost ever major earthquake to include newly recorded motions. Therefore, when selecting an 
attenuation relationship, it is prudent to review the current literature and select the most appropriate 
relationship or relationships for the project site. When evaluating whether or not a certain 



attenuation relationship is appropriate, the engineer should thoroughly review the published 
information regarding its development, especially the tectonic regime for which it was developed, 
the ranges of magnitude and distance to which it is restricted, and the local ground conditions to 
which it applies. Frequently, several different attenuation relationships may be found to be equally 
appropriate. In such a case, the geometric mean of the values calculated using all of the appropriate 
attenuation relationships is commonly employed in practice. By using the geometric mean of the 
values calculated by multiple relationships, bias inherent to individual relationships is minimized. 
However, when this approach is used, the multiple attenuation relationships should not include two 
generations of an attenuation relationship from the same investigator (e.g., Campbell, 1989 and 
Campbell and Bozorgnia, 1994). 

Usually, attenuation relationships for both rock and soil sites will be available for use. Except for 
soil sites with less than 10 m of soil overlying bedrock and for soft soil sites where the average 
shear wave velocity over the top 30 m is less than 120 m/s, soil-site attenuation relationships may 
be used directly to characterize ground motions at a soil site. However, due to the variability in 
conditions at soil sites and the resulting uncertainty in soil site response, engineers often prefer to 
use a rock site attenuation relationship to characterize the design earthquake motions at a 
hypothetical bedrock outcrop at the geometric center of the project site and then conduct a site 
response analysis to evaluate the influence of local soil conditions on the earthquake motions at the 
site. The hypothetical bedrock outcrop concept is congruent with both the free--eld (i.e., not 
affected by structure and/or topography) criterion used to develop the attenuation relationships and 
with the concepts used to specify motions for input to computer programs for seismic site response 
analyses (rock outcrop and transmitting boundary models, see chapters 6.4 and 6.5). 

4.2.4 Selection of Attenuation Relationship Input Parameters 

When using an attenuation relationship, it is important to use the magnitude scale consistent with 
the scale used to develop the attenuation relationship. In the eastern and central United States, the 
magnitude measure generally used in practice is body wave magnitude, m,. In California, moment 
magnitude, M,, local (Richter) magnitude, ML, or surface wave magnitude, Ms, are used. The 
differences in these scales are due to the type of earthquake waves being measured, the type of 
instrument used to measure them, and local scaling factors. The relationship between these 
magnitude scales is shown on figure 9. 

Consistency with the site-to-source distance measure used in developing the attenuation relationship 
is also important, especially for near-field earthquakes. In the early days of development of 
attenuation relationships, the epicentral distance was often used because it was generally the most 
reliable distance measure (seismographs were too sparsely located to adequately constrain the focal 
depth). As seismographs became more numerous and portable arrays were deployed to measure 
aftershock patterns that roughly delineate the rupture zone, the focal depth and extent of the rupture 
surface were able to be better located. Statistical analyses indicate that measures of distance from 
the recording site to the rupture surface provide a more robust measure of seismic wave attenuation 
than epicentral distance. Therefore, most current attenuation relationships for the western United 
States use some measure of the distance to the rupture zone. In the eastern and central United 





States, hypocentral and epicentral distance measures are still commonly used due to the sparsity of 
strong-motion recordings from significant earthquakes. 

4.2.5 Distribution of Output Ground Motion Parameter Values 

All of the attenuation relationships commonly used in practice assume that the output ground motion 
parameter values are log-normally distributed (i.e., the logarithm of the parameter value is normally 
distributed). Most of the traditional attenuation relationships used in practice characterize the 
distribution of the output parameter values with a single, constant value for the log normal standard 
deviation, independent of earthquake magnitude. In these traditional relationships, the mean plus 
one standard deviation peak acceleration values are typically about 1.5 times the corresponding mean 
values. Recently, Sadigh et al. (1993), Idriss (1993), and Campbell and Bozorgnia (1994) have 
developed magnitude dependent values for the standard deviation, with smaller standard deviations 
for larger magnitudes. 

4.3 FREQUENCY CONTENT 

The importance of the frequency content of the earthquake ground motions with respect to the 
damage potential of the motions has been demonstrated repeatedly by damage surveys following 
earthquakes. Such damage surveys show strong correlations between damage to engineered 
structures, the natural period of the damaged structure, and the predominant frequency of the ground 
motion to which the structure was subjected. The frequency content of earthquake ground motions 
is generally characterized by the shape of the acceleration response spectrum. Velocity and 
displacement response spectra are also used in practice to characterize the frequency content of 
ground motions. 

The same statistical analyses used to develop peak ground motion attenuation equations for the 
western United States has been used to develop attenuation relationships for spectral values. Joyner 
and Boore (1988), Geomatrix (1991), Campbell (1993), and Idriss (1993) present the coefficients 
for spectral acceleration attenuation for spectral periods of up to 7.5 seconds. These coefficients 
can be used to generate smoothed response spectra that illustrate the influence of magnitude and 
distance on the frequency content of strong ground motions. 

Figure 24 compares smoothed acceleration response spectra for a rock site from Campbell (1993) 
for magnitude 5.5, 6.5, and 7.5 events at a distance of 15 km. For comparison purposes, these 
spectra are all normalized to a zero period (peak ground) acceleration value of 1.0. This figure 
clearly illustrates the increased damage potential of larger magnitude earthquakes. The larger 
magnitude events have larger peak spectral accelerations and larger spectral accelerations in the long 
period range where ground motions are often most damaging, even though all three spectra are 
scaled to the same peak acceleration value. 
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Figure 24. Comparison of smoothed acceleration response spectra for various 
earthquake magnitudes (Campbell, 1993 attenuation relationship). 
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Figure 25. Comparison of smoothed acceleration response spectra 
by various investigators. 



Figure 25 compares smoothed acceleration response spectra from three different investigators 
(Campbell, 1993; Sadigh et al., 1993; and Boore et al., 1993) for a rock site for a magnitude 
6.5 event at a distance of 15 krn. This figure illustrates the differences among attenuation 
relationships developed by different investigators using essentially the same data base. These 
differences are primarily due to the weighting scheme used in statistical analysis and the screening 
criteria used by each investigator in culling records from the common data base of world-wide 
strong motion records available for the analysis. 

The smoothed acceleration response spectra illustrated in figures 24 and 25 are important tools for 
selection of appropriate time histories for geotechnical analysis, as discussed subsequently. 

ENERGY CONTENT 

The energy content of the acceleration time history provides another means of characterizing strong 
ground motions. The energy content of the motion is proportional to the square of the acceleration. 
In engineering practice, the energy content of the motion is typically expressed in terms of either 
the root-mean-square (RMS) and duration of the acceleration time history or the Arias intensizy, I,. 
The RMS of the acceleration time history is the square root of the square of the acceleration 
integrated over the duration of the motion and divided by the duration: 

where RMSA is the RMS of the acceleration time history, a(t) is the acceleration time history, and 
tf is the duration of strong ground shaking. The RMSA represents an average acceleration for the 
time history over the duration of strong shaking. The square of the RMSA multiplied by the 
duration of the motion is directly proportional to the energy content of the motion. 

The value of the RMSA depends upon the definition of the duration of the motion. For instance, 
if the duration of the motion is defined such that it extends into the quiet period beyond the end of 
strong shaking, the RMSA value will be "diluted" by the quiet period at the end of the record. 
However, as the energy content of the motion is unchanged, the product of the RMSA and duration 
will remain constant. As the RMSA is not used as frequently as peak ground acceleration in 
engineering practice, RMSA attenuation relationships are not developed or revised as frequently as 
peak acceleration attenuation relationships. Figure 26 presents an attenuation relationship for RMSA 
at rock sites in the western United States developed by Kavazanjian et al. (1985a) using the 
significant duration (Trifunac and Brady, 1975) defined in the next section of this chapter. 
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Figure 26. Attenuation of the root mean square acceleration (Kavazanjian 
et al., 1985a, reprinted by permission of ASCE). 

The Arias intensiv, I,.,, is proportional to the square of the acceleration integrated over the entire 
acceleration time history, a(t) : 

where g is the acceleration of gravity and r f  is the duration of strong shaking. Arias (1969) showed 
that this integral is a measure of the total energy of the accelerogram. Arias intensity may be 
related to the RMSA as follows: 



The specification of the duration of strong shaking for an acceleration time history can be somewhat 
arbitrary, as relatively low intensity motions may persist for a long time towards the end of the 
record. If the defined duration of strong motion is increased to include such low intensity motions, 
the Arias intensity will remain essentially constant but the RMSA will decrease (as discussed above). 
Therefore, some investigators prefer Arias intensity to RMSA as a measure of energy content 
because the Arias intensity of a strong motion record is a more definite, essentially fixed value while 
the RMSA depends upon the definition of the duration of strong ground motion. A definition that 
results in a longer duration will result in a lower RMSA, but I,, will remain essentially unchanged. 

Husid (1969) proposed plotting the evolution of the Arias intensity for an accelerogram versus time 
to study the evolution of energy release for the strong motion record. Figure 27 presents the 
acceleration time history recorded at Aloha Avenue in Saratoga during the 1989 M, 6.9 Loma Prieta 
earthquake and the corresponding Husid plot. 
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Figure 27. Accelerogram recorded during the 1989 
Loma Prieta earthquake. 
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Arias intensity and/or RMSA and duration are useful parameters in selecting time histories for 
geotechnical analysis. This is particularly true if a seismic defomuztion analysis is to be performed, 
as the deformation potential of a strong motion record is directly proportional to the energy content, 
which can be expressed as a function of either Arias intensity or the product of the RMSA and 
duration of the record. 
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4.5 DURATION 

The duration of shaking is important to the response of a soil deposit andlor overlying structures 
if the materials are susceptible to cyclic pore pressure generation, loss of strength or stiffness during 
cyclic loading, or other forms of cumulative damage (e.g . , permanent seismic deformation). 
Duration is often neglected or treated indirectly in evaluating the dynamic response of structures, 
but is usually implicitly (based upon magnitude) or explicitly accounted for in liquefaction and 
seismic deformation analyses. 

The bracketed duration of strong motion, D,, defined by Bolt (1973) as the elapsed time between 
the first and last acceleration excursion greater than a specified threshold level, is the definition most 
often found in strong motion catalogs. Figure 28 illustrates calculation of bracketed duration for 
Saratoga - Aloha Avenue accelerogram and a threshold acceleration of 0.05 g. 
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Figure 28. Bolt (1973) duration of strong shaking. 

For problems dealing with cumulative damage during an earthquake, many engineers find the 
definition of significant duration, D,, proposed by Trifunac and Brady (1975) to be the most 
appropriate duration definition. Trifunac and Brady (1975) defined the significant duration as the 
time interval between 5 and 95 percent of the total Arias intensity on a Husid plot. The Trifunac 
and Brady definition of duration is illustrated on the Husid plot in figure 29. 
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Figure 29. Trifunac and Brady (1975) duration of strong shaking. 

The most recent study of significant duration available in the technical literature is by Dobry et al. 
(1978). These investigators plotted significant duration versus earthquake magnitude for events less 
than and greater than 25 krn from the source. Based upon the summary plot shown on figure 30, 
these investigators suggested the following design equation for the significant duration at rock sites: 

where D, is the significant duration as defined by Trifunac and Brady (1975) and Mw is the moment 
magnitude of the design earthquake. 

For problems related to soil liquefaction, duration is commonly expressed in terms of the number 
of equivalent uniform cycles (e .  g., see Seed et al., 1975). The number of equivalent uniform cycles 
is typically expressed as a function of earthquake magnitude to reflect the general increase in 
duration with increasing magnitude. Recommendations for the number of equivalent uniform cycles 
as a function of earthquake magnitude for use in liquefaction and seismic settlement analyses are 
presented in chapter 8. 
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Figure 30. Duration versus earthquake magnitude for the western United 
States (Dobry et al., 1978, reprinted by permission of SSA). 

4.6 INFLUENCE OF LOCAL SITE CONDITIONS 

Qualitative reports of the influence of local soil conditions on the intensity of shaking and on the 
damage induced by earthquake ground motions date back to at least the 1906 San Francisco 
earthquake (Wood, 1908). Reports of localization of areas of major damage within the same city 
and of preferential damage to buildings of a certain height within the same local area from the 
Mexico City earthquake of 1957, the Skopje, Macedonia earthquake of 1963, and the Caracas, 
Venezuela earthquake of 1967 focused the attention of the engineering community on the influence 
of local soil conditions on the damage potential of earthquake ground motions. 

Back-analysis by Seed (1975) of accelerograms from the moment magnitude M, 5.3 Daly City (San 
Francisco) earthquake of 22 March 1957, presented in figure 3 1, demonstrate the influence of local 
soil conditions on site response. Figure 31 shows peak acceleration, acceleration response spectra, 
and soil stratigraphy data at six San Francisco sites approximately the same distance from the source 



of the 1957 earthquake. The peak acceleration and frequency content of the ground motion recorded 
at these six sites were dependent on the soil profile beneath each specific site. 

At the sites shown in figure 31, the local soil deposits attenuated the peak ground acceleration by 
a factor of approximately two compared to the bedrock sites. However, the acceleration response 
spectra for the soil sites clearly show amplification of spectral accelerations at longer periods 
(periods greater than 0.25 sec) compared to the rock sites, If the bedrock motions had larger 
spectral accelerations at the longer periods, a characteristic of larger magnitude events and of events 
from a more distant source, or if the natural period of the local soil deposits more closely matched 
the predominant period of the bedrock motions, amplification of the peak acceleration could have 
occurred at the soil sites. 
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Figure 31. Soil conditions and characteristics of recorded ground motions, 
Daly City (San Francisco) M, 5.3 earthquake of 1957 (Seed, 
1975, reprinted by permission of Chapman and Hall). 

The influence of local ground conditions can also be illustrated using the smoothed acceleration 
response spectra discussed in section 4.3.  Figure 32 presents smoothed acceleration response 
spectra calculated using the Campbell and Bozorgnia (1994) attenuation relationship for a 
magnitude 8 event at a distance of 5 krn for both soil and rock sites. This figure clearly indicates 
the tendency for soil site motions to contain a larger proportion of their energy content at longer 
periods than rock site motions. 
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Figure 32. Comparison of soil and rock site acceleration response spectra for M, 8 event at 5 km 
(Campbell and Bozorgnia, 1994, reprinted by permission of EERI). 

The influence of local soil conditions on spectral shape may also be illustrated using design spectra 
developed for building codes. For example, the current version of the Uniform Building Code 
(UBC, 1994), defines three classes of site conditions when defining the shape of the normalized 
smoothed response spectra for structural design. These three classes of site conditions are rock 
(Type I), deep, cohesionless or stiff clay soil (Type 11), and soft to medium stiff clays and sands 
(Type 111). The smoothed normalized response spectra corresponding to these three site conditions, 
presented in figure 33, again illustrate the increase in spectral acceleration at long periods for soil 
site motions compared to rock site motions. Based upon observations of very large spectral 
amplification and severe damage to long period structures at deep, soft clay sites in earthquakes, a 
fourth soil type, deep, soft clay, with even more energy at long periods than the Type I11 site 
condition, has been proposed for soft clay sites for the UBC. The next (1997) version of the UBC 
may also incorporate near-field ground motion factors with the spectra shown in figure 33. 

The Applied Technology Council (ATC) is developing a new generation of building codes as part 
of the National Earthquake Hazard Reduction Program (NEHRP, 1991). The NEHRP (1991) code 
provides five classes of site conditions, from "Hard and Firm Rock" to "Special Study, " based upon 
the average shear wave velocity in the upper 30 m of the soil profile. This new classification 
system, summarized in table 3,  retains the primary characteristic influence of local soil conditions 
in that the spectral acceleration at longer periods increases with decreasing stiffness of the ground. 
While building code response spectra are useful to illustrate the effect of local soil conditions on 
ground response, these spectra represent effective spectral accelerations for use in structural design 



and are not intended to represent smoothed spectra from actual earthquakes. To represent an actual 
earthquake spectrum, the spectrum generated from an attenuation relationship, or the spectrum from 
seismic site response analysis (see chapter 6 )  should be used. 

Local soil conditions can also affect duration. Durations on soil sites have greater scatter and tend 
to be longer than durations on rock sites. In fact, the range of durations for rock sites appears to 
be a lower bound for soil site durations. 

Amplification of long period bedrock motions by local soil deposits is now accepted as an important 
phenomenon that can exert a significant influence on the damage potential of earthquake ground 
motions. Significant structural damage has been attributed to amplification of both peak acceleration 
and spectral acceleration by local soil conditions. Amplification of peak acceleration occurs when 
the resonant frequency of the soil deposits is close to the predominant frequencies of the bedrock 
earthquake motions (the frequencies associated with the peaks of the acceleration response spectra). 
The resonant frequency, f,, of a soil layer (deposit) of thickness H can be estimated as a function 
of the average shear wave velocity of the layer, (V,),,, using the following equation: 
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Normalized uniform building code response spectra (UBC, 1994, reproduced from 
the Uniform Building Codem, copyrightQ 1994, with the permission of the publisher, 
the International Conference of Building Officials). 



Amplification of the spectral acceleration may occur at soil sites in any earthquake at frequencies 
around the resonant frequency of the soil deposit. Some of the most significant damage in recent 
earthquakes (e.g., building damage in Mexico City in the 1985 earthquake and damage to freeway 
structures in the Lorna Prieta earthquake of 1989) has occurred in situations where the predominant 
frequencies of the bedrock motions and the resonant frequencies of both the local soil deposit and 
the overlying structure all fell within the same range. 

Table 3. NEHRP site classification (after Borcherdt, 
1994, reprinted by permission of ATC). 

NEHRP Site Classification 

Special Study") 

Soft 

Medium Stiff 

Note: ( I )  Special study soils also include liquefiable soils, quick and highly 
sensitive clays, pears, highly organic clays, very high plasticity 
clays (PI > 7 3 ,  and soft soil deposits more than 37 m thick. 

Average Shear Wave Velocity 

Less than 100 rnls 

100 to 200 m/s 

200 to 375 m/s 

Stiff 

Rock 

4.7 SELECTION OF R1EPRESENTATIVE TIME HISTORIES 

375 to 700 m/s 

Greater than 700 mls 

Earthquake time histories may be required for input to both seismic site response analyses (see 
chapter 6) and seismic deformation analyses (see chapter 7). There are several procedures that can 
be used to select earthquake ground motions at a site. These procedures include: 

selection of motions previously recorded for similar site conditions during a similar 
earthquake and at distances comparable to those under consideration; 

selection of generic, publicly available synthetic ground motions generated to 
represent an event of the target magnitude; 

estimation of a target spectrum (a spectrum representative of the design magnitude, 
site-to-source distance, and local geology (soil or rock) using either an attenuation 
relationship or a code or standard) and then selection of recorded or synthetic time 
histories whose special ordinates are either comparable to or envelope those of the 
target spectrum for the period range of interest; or 

use of simulation techniques to generate a project-specific synthetic time history, 
starting from the source and propagating the appropriate wave forms to the site to 



generate a suite of time histories that can then be used to represent the earthquake 
ground motions at the site of interest. 

In selecting a representative time history from the catalog of available records, an attempt should 
be made to match as many of the relevant characteristics of the design earthquake as possible. 
Important characteristics that should be considered in selecting a time history include: 

earthquake magnitude; 
source mechanism (e.g., strike slip, dip slip, or oblique faulting); 
focal depth; 
site-to-source distance; 
site geology; 
peak ground acceleration; 
frequency content; 
duration; and 
energy content (RMSA or I,). 

The relative importance of these factors varies from case to case. For instance, if a bedrock record 
is chosen for use in a site response analysis to model the influence of local soil conditions, site 
geology will not be particularly important in selection of the input bedrock time history. However, 
if a soil site record is to be scaled to a specified peak ground acceleration, site geology can be a 
critical factor in selection of an appropriate time history, as the record must already include any 
potential influence of local soil conditions on the motion. Scaling of the peak acceleration of a 
strong motion record by a factor of more than two is not recommended, as the frequency 
characteristics of ground motions can be directly and indirectly related to the amplitude of the 
motion. Leeds (1992) and Naeim and Anderson (1993) present comprehensive databases of 
available strong motion records and their characteristics. These strong motion records can be 
obtained in digital form (CD-ROM) from the National Geophysical Data Center (NGDC) in Boulder, 
Colorado. Also, Tao (1996) provides detailed information on several other sources from which 
accelerograms can be obtained directly via on-line systems or purchased in a variety of formats. 

Due to uncertainties in the selection of a representative earthquake time history, response analyses 
are usually performed using a suite of time histories rather than a single time history. Engineers 
commonly use two to five time histories to represent each significant seismic source in a site 
response analysis. For earthquakes in the western United States, it should be possible to find three 
to five representative time histories that satisfy the above criteria. However, at the present time, 
there are only two bedrock strong motion records available from earthquakes of magnitude M, 5.0 
or greater in the central and eastern United States: 

the Les Eboutements record with a peak horizontal acceleration of 0.23 g from the 
1988 Saguenay , Quebec earthquake of magnitude M, 6.0; and 

the Loggie Lodge record with a peak horizontal acceleration of 0.4 g from the 1981 
Mirimichi, New Brunswick earthquake of magnitude M, 5.0. 



Therefore, for analysis of sites east of the Rocky Mountains, records from a western United States 
site, an international recording site, or synthetic accelerograms are required to compile a suite of 
at least three records for analysis. For the new Madrid seismic zone, where neither the Mirimichi 
nor Saguenay record is of appropriate magnitude, all three records must be from either the western 
united States, an international site, or synthetically generated. 

Generic, synthetically generated ground motions are available only for a limited number of major 
faults (fault systems). For example, Jemings et al. (1968) developed the A1 synthetic accelerograrn 
for soil site conditions for an earthquake on the southern segment of the San Andreas fault. Seed 
and Idriss (1969) developed a synthetic accelerogram for rock sites for an earthquake on the 
northern segment of the San Andreas fault. The Jennings et al. (1968) A1 accelerogram has an 
energy content which is larger than the energy content of any accelerogram recorded to date. For 
this reason, the A1 record is often used to simulate major earthquakes in the Cascadia and New 
Madrid seismic zones. Appropriate synthetic accelerograrns may also be available to the engineer 
from previous studies and may be used if they are shown to be appropriate for the site. Synthetic 
earthquake accelerograms for many regions of the country are currently being compiled by 
Dr. Klaus Jacob at the Lamont-Doherty Earth Observatory of Columbia University under the 
auspices of the National Center for Earthquake Engineering Research (NCEER). However, at the 
time of preparation of this guidance document, this compilation was not yet available. 

The target spectrum may be estimated from available attenuation relationships (see section 4.3). 
These attenuation relationships, typically developed for a spectral damping of 5 percent, provide 
estimates of the median spectral ordinates and the log-normal standard deviation about the mean. 
Representative time histories are selected by trial-and-error on the basis of "reasonable" match with 
the target spectrum. A "reasonable" match does not necessarily mean that the response spectrum 
for the candidate record "hugs" the target spectrum. Particularly if a suite of time histories is used, 
a "reasonable" match only requires that the suite of response spectra averaged together approximates 
the mean target spectrum. Each individual spectrum may fluctuate within the plus and minus one 
standard deviation bounds over most of the period range of interest. Natural and/or generic 
synthetic time histories can be screened in this type of selection process. 

An alternative approach to trial-and-error matching of the target spectrum is computerized generation 
of a synthetic time history or a suite of time histories whose spectral ordinates provide a reasonable 
envelope to those of the target spectrum. Existing time histories can also be modified to be 
spectrum compatible. Several computer programs are available for these tasks (e.g., Gasparin and 
Vanmarcke, 1976; Ruiz and Penzien, 1969; Silva and Lee, 1987). However, generation of realistic 
synthetic ground motions is not within the technical expertise of most geotechnical engineering 
consultants. The simulation programs should only be used by qualified engineering seismologists 
and earthquake engineers. For this reason, these simulation techniques are beyond the scope of this 
guidance document. 



CHAPTER 5 

SITE CHARACTERIZATION 

This chapter describes the site characterization information required to evaluate the geotechnical 
parameters used for the seismic design of highway facilities. It is assumed that the basic geological, 
geotechnical, and hydrological investigations required for the general design of the structure under 
consideration have been (or will be) conducted according to the state of practice. The goal of site 
characterization for seismic design is to develop the subsurface profile and soil property information 
necessary for seismic analyses. Soil parameters required for seismic analyses include the initial 
(small strain) dynamic shear modulus, equivalent viscous damping ratio, shear modulus reduction 
and equivalent viscous damping characteristics, cyclic shear strength parameters, and liquefaction 
resistance parameters. 

Three broad categories of site investigation activities can be included in a seismic site exploration 
program. The first category is conventional geotechnical site exploration, including a drilling 
program followed by laboratory testing on undisturbed or remolded samples. The second category 
is in situ testing, wherein the parameters that describe dynamic soil properties are estimated in situ 
using penetrometers and other types of probes and in situ testing devices. The third category is 
geophysical exploration. 

The remainder of this chapter will describe the relevant soil parameters for seismic site 
characterization, their importance for seismic analyses, and the available evaluation techniques. 

5.2 SUBSURFACE PROFILE DEVELOPMENT 

5.2.1 General 

As for all geotechnical engineering analyses, seismic analysis requires knowledge of the subsurface 
profile, or stratigraphy, at the site under study. The required stratigraphic information includes 
information on the water level, the soil stratigraphic profile, and the underlying bedrock. 
Stratigraphy can be obtained using classical investigation techniques (drilling and sampling), in situ 
tests, or geophysical means. 

As in any geotechnical analysis, identification and quantification of relatively thin, weak layers can 
be an important part of seismic site characterization. However, the "weak" layer in a seismic 
analysis may differ from the "weak" layer in a static analysis. For instance, a saturated sand layer 
considered a suitable foundation material with respect to static loads may be susceptible to 
liquefaction under earthquake loads and thus becomes a weak layer in a seismic analysis. In other 



cases, such as soft material between beds of rock or stiff soil on a hillside, the same material that 
is a weak material for static analyses also represents a potential problem under earthquake loads. 

5.2.2 Water Level 

The groundwater level (or levels) should be established during a seismic site investigation. 
Groundwater may play an important role in seismic analysis, particularly if the soil deposits are 
liquefiable. Seasonal variability in the water level should be considered in developing the 
stratigraphic profile and performing liquefaction potential analyses. 

Groundwater level information is often obtained by observation of the depth to which water 
accumulates in an open borehole. However, water level observations in boreholes may be unreliable 
due to a variety of factors, including: 

insufficient time for equilibrium in borings in fine-grained soils; 
artesian pressures in confined aquifers; and 
perched water tables in coarser soils overlying fine-grained deposits. 

Furthermore, borehole observations do not, in general, permit observations of seasonal fluctuations 
in water levels. Piezometers or observation wells installed in a borehole provide a much more 
reliable means of monitoring water levels in the subsurface. In deposits where layers of fine-grained 
soils are present and multiple water levels are suspected, multiple-point piezometers can be installed 
in a single borehole or multiple boreholes can be fit with single point piezometers. 

A cone penetrometer (CPT) with pore pressure measuring capabilities, referred to as a piezocone, 
can also be used to estimate water level elevations. By holding the cone at a constant elevation arid 
waiting until the pore pressure drops to a constant value, the piezocone can be used to determine 
the steady state pore pressure at a specified elevation. The potential for perched water tables or 
confined aquifers can be assessed with the piezocone by combining steady-state pore pressure 
readings at several elevations with stratigraphic information developed from the tip and sleeve 
resistance of the cone. 

Geophysical stratigraphic profiling methods are generally not used to evaluate the depth to 
groundwater. Geophysical methods used to evaluate soil stratigraphy are often based upon shear 
wave or Rayleigh wave velocity and thus are generally insensitive to the water level. Some 
resistivity methods (e.g., down hole resistivity surveys) can detect the presence of water in the soil 
pores but cannot measure the pressure in the water. Therefore, in a fine-grained soil, such methods 
can neither distinguish between soil above the water table saturated by capillarity and soil below the 
water table nor measure an artesian pressure in a confined aquifer. 



5.2.3 Soil Stratigraphy 

The subsurface investigation should provide a detailed description of the soil stratigraphy at the site, 
including the thickness and elevation of the different layers. Potentially liquefiable soils should be 
clearly identified and quantified by one of the methods described later in this chapter. Both 
conventional boring and sampling and in situ testing using the CPT offer the possibility of 
development of a continuous soil profile in which layers as small as 75 rnrn can be identified. Thin 
continuous layers of weak or potentially liquefiable soil encountered between beds of more 
competent soil may prove to be the critical plane in seismic slope stability analyses. Borings offer 
the advantage of recovery of a sample for visual classification and, if desired, laboratory testing. 
In a boring in which continuous Standard Penetration Tests (SPT) sampling is performed, layers of 
soil can be visually identified from the sample recovered from the split spoon to develop a 
continuous stratigraphic profile. However, the SPT blow count, the primary measurement of 
cohesionless soil strength and consistency obtained using the SPT, generally applies only to the gross 
behavior of a relatively large 300 mrn interval of the boring and thus cannot be used to characterize 
the liquefaction susceptibility of thin lenses of soil visually identified in the split-spoon sample. In 
the CPT, the resistance of the tip and sleeve of the cone to penetration can be used to develop 
continuous profiles of the shear strength of the soil that are applicable to layers as thin as 75 rnm. 

Geophysical methods will provide information on the stratigraphy of the soil with respect to the 
measured geophysical property. The measured geophysical property may be a physical property of 
direct interest in a seismic analysis (e.g., shear wave velocity) or may be correlated to a physical 
property of interest (e.g., electrical resistivity and water level). The ability of geophysical methods 
to resolve layering in the ground varies among the available methods and, in general, decreases with 
depth unless a down hole method is used (in which case a boring or in situ probe is required). 

5.2.4 Depth to Bedrock 

Ideally, the soil profile developed for a seismic analysis should extend to competent bedrock, where 
competent bedrock is defined as material with a shear wave velocity of at least 700 mls, and the 
physical properties of the soil over the entire interval between the ground surface and competent 
bedrock should be defined. However, if competent bedrock is not reachable at a reasonable depth, 
the depth over which the physical properties of the soil for seismic analyses are defined should be 
at least 30 m. Furthermore, the depth to which the soil profile is developed should be at least as 
deep as required for conventional geotechnical analyses. 



REQUIRED SOIL PARAMETERS 

5.3.1 General 

At a minimum, a seismic analysis requires the same parameters used to describe soil properties for 
static analyses of earth structures and foundations. During the course of a typical geotechnical 
investigation, the following information is obtained: 

soil classification and index parameters; 
unit weight of the soil; and 
compressibility and shear strength parameters of the soil. 

For seismic design purposes, a series of other soil parameters and properties may need to be 
evaluated. For a seismic analysis, these may include: 

a measure of the relative density of the soil; 
shear wave velocity; 
cyclic stress-strain behavior; and 
peak and residual shear strength. 

5.3.2 Relative Density 

Measures of both the absolute and relative density of the soil skeleton are required for seismic 
analysis. The absolute density is usually expressed in terms of unit weight. The unit weight of the 
soil is used to calculate the total and effective vertical stresses for liquefaction and slope stability 
analyses. Unit weight is also an important parameter in dynamic response and stability analyses, 
as the inertia force of an element of soil is equal to the acceleration times the total weight. Total 
unit weight may be assessed on the basis of measured values from undisturbed samples, or from the 
water content and specific gravity of saturated soil. 

Relative density is an important parameter with respect to the potential for soil liquefaction and 
seismically-induced settlement of cohesionless soils. The relative density is a measure of the relative 
consistency of the soil. 

Mathematically, relative density, D,, is related to the maximum density (7-) or minimum void ratio 
emin (the densest state to which the material can be compacted) and the minimum density (ymi,) or 
maximum void ratio e ,  (the loosest state the material can attain) by: 

where eo is the in situ void ratio of the material and yo is the in situ unit weight. Dry unit weights 
are used for yo, ymin, and y,,,. The relative density is an important parameter with respect to 



liquefaction and seismic settlement potential because it is related to the potential for a granular 
material to decrease in volume when subjected to disturbance. 

Relative density is rarely measured directly. Generally, an index of the relative density is measured 
in situ. Commonly used indices of the relative density, or relative consistency, of soil in situ are 
the SPT blow count, N, and the normalized tip and sleeve resistance of the CPT probe, q,,, and f,, 
respectively. Table 4 presents the Terzaghi and Peck (1948) relationship between relative density 
and SPT blow count for sandy soils. Several of the indices used to evaluate relative density in situ 
have, in turn, been directly correlated to liquefaction and seismic settlement potential, often 
eliminating the need for direct evaluation of relative density in a seismic analyses. 

Table 4. Relative density of sandy soils (after Terzaghi and Peck, 1948). 

Relative Density, D, 
(%) 

0-15 

Penetration Resistance, N 
(blows/300mm) 

15-35 

35-65 

- .- 

Note: See also figure 37 for an alternative N-D, correlation. 

Descriptive Term 

0-4 

65-85 

85-100 

5.3.3 Shear Wave Velocity 

Very Loose 

5-10 

11-30 

The shear wave velocity of a soil is used to establish the stiffness of the soil at small strains. The 
small strain (initial) shear modulus of a soil, G-, is related to the shear wave velocity, 6, and the 
mass density, p ,  of the soil by the equation: 

Loose 

Medium 

31-50 

> 50 

Mass density of the soil is related to the total unit weight of the soil, y,, by the acceleration of 
gravity, g: 

Dense 

Very Dense 



The mass density of most soils can be reasonably estimated from soil classification and location 
relative to the water table. Therefore, measurement of shear wave velocity can provide a reliable 
means for evaluating the small strain shear modulus of the soil if the stratigraphic profile is known. 

Small strain (initial) Young's modulus, Em,, is related to small strain shear modulus as a function 
of Poisson's ratio, v, by the theory of elasticity: 

For practical purposes, Poisson's ratio of soil can be assumed equal to 0.35 for sands and 0.45 for 
clays. Alternatively, if results of geophysical measurements are available, the following equation 
may be used to estimate v. 

where V,  and V, are shear and compressional wave velocities, respectively. Young's modulus can 
also be evaluated from the compressional wave velocity and mass density of the soil. Consequently 
an efficient and reliable means of obtaining the small-strain elasticity properties of the soil is through 
the measurement of shear and compressional wave velocities. 

5.3.4 Cyclic Stress-Strain Behavior 

During an earthquake, a soil deposit is subjected to a complex system of stresses and strains 
resulting from the ground motions induced by the earthquake. In general, these stresses and strains 
will be cyclical due to the vibrational nature of the earthquake loading. To evaluate the seismic 
response of the soil deposit, it is necessary to estimate how it responds to this cyclic loading. 

The earthquake-induced stresses and strains that produce the most damage in soils are generally 
considered to be due to cyclic shearing of the soil. Shear waves propagate primarily upward near 
the ground surface. Therefore, most geotechnical earthquake engineering analyses assume that 
earthquake ground motions are generated by vertically-propagating shear waves. 

The cyclic stresses induced on a soil element by a vertically-propagating shear wave are 
schematically presented in figure 34. The stress-strain response of soil to this type of cyclic loading 
is commonly characterized by a hysteresis loop. A typical hysteresis loop is shown on figure 35. 
Various constitutive models have been developed to characterize soil hysteresis loops. The most 
common model used to represent the hysteretic behavior of soil in seismic analysis is the equivalent- 
linear model (Seed and Idriss, 1970). Various non-linear constitutive models (Kondner and Zelasko, 
1963; Martin, 1975; MatasoviC and Vucetic, 1993) have also been developed to represent hysteretic 
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Figure 34. Stresses induced in a soil element by vertically propogating shear wave. 



soil behavior. Detailed discussion of non-linear constitutive models for the hysteretic behavior of 
soil is beyond the scope of this document. 

The equivalent-linear model represents non-linear hysteretic soil behavior using an equivalent shear 
modulus, G, equal to. the slope of the line connecting the tips of the hysteresis loop and an 
equivalent viscous damping ratio proportional to the enclosed area of the loop. The equivalent 
modulus and-damping ratio are strain-dependent. The strain dependence of the equivalent modulus 
and damping ratio are described by the modulus reduction and damping curves shown on figure 36. 
The equivalent viscous damping ratio is evaluated from the area of the hysteresis loop as 
schematically shown on figure 35. Modulus reduction and damping curves strictly apply only to 
uniform cyclic loading. However, these curves are typically also used to model the soil behavior 
under irregular (non-uniform) cyclic loading generated by earthquakes. 

Figure 35. Hysteretic stress-strain response of 
soil subjected to cyclic loading. 

Cyclic loading can break the bonds between soil particles and rearrange the particles into a denser 
state. In a dry soil, this rearrangement will be manifested as compression of the soil and will result 
in seismic settlement. If the soil is saturated, volume change cannot occur instantaneously and the 
load carried by the soil skeleton is transferred to the pore water as the particles are rearranged. If 
the rearrangement is sufficient in magnitude, the soil skeleton can shed all of the load to the pore 
water, resulting in a pore pressure equal to the overburden pressure, complete loss of shear strength, 
and, consequently, liquefaction of the soil. 



Figure 36. Shear modulus reduction and equivalent viscous damping ratio curves. 

5.3.5 Peak and Residual Shear Strength 

Peak and residual shear strengths are important elements in the evaluation of seismic stability. The 
peak shear strength refers to the maximum shearing resistance an element of soil can sustain during 
and after cyclic loading. The peak shear strength may be used to calculate the yield acceleration 
of a soil (the horizontal acceleration above which permanent seismic deformations begin to 
accumulate) if the buildup of seismically-induced pore pressures is not anticipated. Residual shear 
strength refers to shear strength of the soil after significant static and/or cyclic shearing has 
occurred. Residual shear strength is often used to evaluate stability and calculate the accumulation 
of permanent seismic deformation in a post-liquefaction stability and deformation analysis for a 
foundation or earth structure. 

While there is some limited information to indicate that the shear strength of soil increases with 
increasing strain rate, the peak shear strength of soil subjected to cyclic loading is generally assumed 
to be less than or equal to the peak static strength. If the soil is dry, the drained shear strength may 
be used. If the soil is saturated, even if the soil is relatively free draining, the undrained shear 
strength should be used for seismic analyses because of the rapid nature of earthquake loading. 

Residual shear strength is used to represent the post-peak strength of the soil subsequent to both 
monotonic and cyclic loading. Many soils and geosynthetic interfaces show a marked decrease in 
shearing resistance when subjected to relatively large monotonic shear strains. If the seismic design 
philosophy for a foundation or earth structure calls for allowing the peak strength to be exceeded 
as long as cumulative deformations remain within a range defined as acceptable, the residual shear 
strength after monotonic loading is typically used to assess the post-deformation stability. The yield 



acceleration calculated using the residual shear strength can be used to assess cumulative seismic 
deformations on a conservative basis. 

5.4 EVALUATION OF SOIL PROPERTIES 

5.4.1 General 

The key dynamic soil parameters required to perform a seismic response analysis are the shear wave 
velocity, modulus reduction and damping curves, peak and residual shear strength, and the 
parameters needed to evaluate soil liquefaction potential. A value for Poisson's ratio may also be 
required. These parameters can either be directly evaluated from laboratory test results or in situ 
test results or indirectly evaluated by correlation with index properties of soils. Laboratory tests 
generally provide the most direct means of evaluating soil parameters for seismic analyses. 
However, laboratory tests are subject to limitations on the recovery and testing of representative 
samples as well as on the testing itself. For some parameters (e.g., shear wave velocity), field 
testing provides a reliable and cost effective means of evaluation. However, in many cases, 
empirical correlation with index parameters and in situ test results is the most practical means of 
evaluating soil parameters for seismic analyses. Sometimes, for particular geographical areas and 
soils (e.g . , Piedmont region residual soils, Borden et al., 1996) typical dynamic soil parameters have 
been established. 

5.4.2 In Situ Testing for Soil Profiling 

5 .4.2.l  Standard Penetration Testing (SPT) 

Probably the most common in situ test used in geotechnical practice, the SPT, measures the 
resistance to penetration of a standard split-spoon sampler in a boring. The test method is rapid and 
yields useful data, although there are many factors that affect the results. The procedure used to 
perform the SPT is codified under ASTM Standard D 1586. The SPT consists of driving a standard 
split barrel sampler with a 63.5 kg hammer dropping 762 mrn in a free fall which theoretically 
delivers 60 percent of the energy to the drill rod. The (uncorrected) SPT blow count, N, is the 
result of the test. 

Although widely recognized as an unsophisticated test, the SPT is performed routinely worldwide 
and, when performed properly, yields useful results. Extensive work has been conducted to 
understand the limitations of the test and develop reliable correction factors accounting for the 
influence of vertical stress, soil gradation, hammer efficiency, and other factors on test results. 
Correction factors to normalize and standardize the value of the SPT blow count, N, are discussed 
in chapter 8. Corrected SPT blow count values can be used to: 

estimate the relative density of sand; 
estimate shear strength parameters of cohesionless soils; 
estimate bearing capacity; 
evaluate seismic settlement potential of sands; 



evaluate liquefaction potential of saturated sands; and 
estimate the shear modulus at very low strain. 

Hammer efficiency is a key factor in evaluating SPT blow count. Values of hammer efficiency, 
defined as the energy delivered to the sampler divided by the theoretical kinetic energy of the free- 
falling weight, measured in the field vary from 30 to 90 percent, with an average value of 
60 percent, depending on the equipment, the operator, and other site-specific conditions. Field and 
analytical data indicate that the blow count is directly proportional to the energy delivered to the 
split spoon sampler (Seed et al., 1985). Measurement of efficiency made on the same day using the 
same equipment and operator has been known to vary by a factor of two. A two- to three-fold 
variation in efficiency will result in a two- to three-fold variation in blow count in a uniform soil. 
To mitigate this problem, i.e., to be able to relatively accurately standardize the blow count to 
correspond to the average efficiency of 60 percent, several companies have developed systems for 
measuring the energy delivered to the rods or split spoon sampler by the hammer. The services of 
these companies are available on a commercial basis and should seriously be considered for major 
projects or where liquefaction potential assessment is a critical issue. 

Most soil mechanics text books contain correlations relating SPT blow counts to soil shear strength 
and foundation bearing capacity (e.g., Bowles, 1988). As discussed in chapter 5.3.2 and presented 
in table 4, SPT blow counts may also be used to estimate relative density of sand. Figure 37 
presents a correlation between overburden pressure, relative density, and SPT blow count developed 
by Marcuson and Bieganousky (1977) for clean sand. 

The use of SPT blow counts to evaluate soil liquefaction potential is described in detail in chapter 8. 

5.4.2.2 Cone Penetration Testing (CPT) 

The CPT test involves pushing a standard dimension conical probe into the ground at a constant rate 
and measuring the resistance of the tip of the cone and along the side of the cone to penetration. 
The cone tip resistance, q,, combined with the friction ratio, f, (the ratio between the side resistance 
and point resistance of the cone), has been shown to be strongly correlated to soil type and soil 
strength. In recent years, cone penetration testing probes have been fitted with pore pressure cells 
(piezocones) to measure pore pressure during penetrations and pore pressure dissipation after 
penetration, facilitating in situ measurement of consolidation properties and water table depth. The 
CPT can also be fitted with a geophone for use in "down hole" seismic profiling to determine shear 
wave velocity. 

CPT testing is codified as ASTM Standard D 3441. Recommendations for CPT testing are also 
provided by FHWA (1992). The CPT is relatively easy to perform and provides a continuous 
profile of soil stratigraphy that can be invaluable in identifying the extent of liquefiable soils at a 
site. 
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Figure 37. SPT-relative density correlation (after Marcuson and Bieganousky, 
1977, reprinted by permission of ASCE). 

Figure 38 shows a typical soil classification system based on cone penetration resistance readings. 
Data from the CPT can also be used to establish allowable bearing capacity and for pile design. In 
addition, correlations between SPT N values and CPT cone resistance have been developed to allow 
for the use of CPT data with relationships between SPT values and dynamic soil properties (e.g., 
liquefaction potential). Figure 39 presents the Martin (1992) chart which illustrates the relationship 
between cone resistance and SPT N values. Cone resistance has also been correlated to undrained 
shear strength, angle of internal friction, and relative density (Bowles, 1988; Meigh, 1987; 
S ~ h m e r t m a ~ ,  1975). 
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Figure 38. Soil Classification system based on the CPT (Douglas 
and Olsen, 1981, reprinted by permission of ASCE). 

5.4.3 Soil Density 

The total density of soil is usually expressed in terms of total unit weight. Typical values of the 
total unit weight are generally adequate for use in engineering analysis. If a higher degree of 
accuracy is required, unit weight can be evaluated from measurements made on undisturbed samples. 
In saturated cohesive soils, unit weight can be evaluated from the water content and the specific 
gravity. 

Relative density, D,, is rarely measured directly for geotechnical engineering purposes. Instead, an 
index of the relative density, usually the SPT blow count or the CPT resistance, is measured. 
Figure 37 presents one relationship between SPT blow count and the relative density of a clean sand. 
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Figure 39. CPT-soil behavior - SPT correlation chart (Martin, 
1992, reprinted by permission of ASCE). 

5.4.4 Shear Wave Velocity 

5.4.4.1 General 

In general, shear wave velocity is directly measured in the field. However, shear wave velocity can 
also be estimated based upon soil type and consistency or by using the empirical correlations for 
small strain shear modulus described in section 5.4.5.2 in conjunction with the soil density and 
equation 5-2. 

Shear wave velocity, or small strain shear modulus, can be evaluated in the laboratory using 
resonant column tests, as noted in section 5.4.5. However, field geophysical measurements are used 
more commonly and reliably to estimate shear wave velocity. 

Geophysical measurements of in situ wave velocities are typically based on measuring the wave 
travel time along a known propagation path. From knowledge of distance and travel time, the 

- N, Overtxrrden - Normalied Equkalenl SPT Value - - - N; Overburden - Nonnalbed, F i  Contenls Abjed, 
Equivalenl SPT Value 



velocity is obtained. Wave velocity may be measured from intrusive methods such as boreholes and 
CPT soundings (seismic cone) or non-intrusively using seismic reflection, refraction, and surface 
wave profiling. 

5.4.4.2 Geophysical Surveys 

Geophysical techniques for subsurface exploration are described in detail by Woods (1994). 
Geophysical techniques commonly used in geotechnical practice are briefly summarized in the 
following paragraphs. Two general types of techniques are available to measure shear wave 
velocities in the field: 

intrusive techniques whereby measurements are made using probes and sensors that 
- are lowered in-trorehutes or pushed into the ground; and 

non-intrusive techniques whereby the measurements are made from the ground 
surface. 

Borehole Surveys 

In a borehole seismic survey, one or more boreholes are drilled into the soil to the desired depth 
of exploration. Wave sources andlor receivers are then lowered into the boreholes to perform the 
desired tests. There are three approaches to borehole seismic surveys: 

Up Hole Surveys: Geophones are laid out on the surface in an array around the 
borehole. The energy source is set off within the borehole at successively decreasing 
depths starting at the bottom of the hole. The travel times from the source to the 
surface are analyzed to evaluate wave velocity versus depth. The energy source is 
usually either explosives or a mechanical pulse instrument composed of a stationary 
part and a hammer held against the side of the borehole by a pneumatic or hydraulic 
bladder. 

Down Hole Surveys: In a down hole survey, the energy source is located on the 
surface and the detector, or geophone, is placed in the borehole. The travel time is 
measured with the geophone placed at progressively increasing depth to evaluate the 
wave velocity profile. 

Cross Hole Survey: In a cross hole survey, the energy source is located in one 
boring and the detector (or detectors) is placed at the same depth as the energy source 
in one or more surrounding boreholes at a known spacing. Travel time between 
source and receiver is measured to determine the wave velocity. 

The cross hole technique is generally the preferred technique for a borehole survey as it offers the 
highest resolution and greatest accuracy. However, cross hole measurements require a very precise 
evaluation of the distance between the energy source and the detector. An inclinometer reading is 
generally performed in the boreholes used in a cross hole survey to correct the results for deviation 



of the boreholes from verticality. Cross hole geophysical testing is codified in ASTM Standard 
D 4428. 

Seismic Refraction and Seismic Reflection Methods 

Seismic refraction and reflection exploration surveys are conducted from the surface and do not 
require boreholes. The resolution of the methods is relatively poor and decreases with depth. These 
methods are most suitable as a means of identifying the depth to competent rock and the location 
of prominent soil horizons that have a large contrast in density and stiffness compared to the 
overlying soil. 

Spectral Analysis of Su@ace Waves (SASW) 

Spectral Analysis of Surface Waves (SASW) is a non-intrusive geophysical technique used primarily 
for evaluating subsurface shear wave velocity profiles. SASW testing evaluates shear wave velocity 
indirectly by direct measurement of Rayleigh, or surface wave, velocity. Rayleigh wave velocity 
is related to shear wave velocity by Poisson's ratio. The two velocities are usually within 5 percent 
of each other for most soils. SASW results are representative of the average properties of a 
relatively large mass of material, mitigating the potential for misleading results due to non- 
homogeneity. SASW can be a very cost-effective method of investigation. The ease and rapidity 
of field measurements and automated algorithms for data processing and inversion allow for 
evaluation of subsurface conditions at a relatively large number of points at a fraction of the cost 
of conventional intrusive exploration techniques. 

A schematic representation of SASW testing is presented in figure 40. Excitation at the ground 
surface is used to generate the Rayleigh, or surface, waves at various frequencies. By spectral 
analysis of the ground surface response (velocity or acceleration) at two points a known distance 
apart, the Rayleigh wave velocity can be obtained at discrete frequencies. Usually, an inversion 
process (trial and error) is used to determine the velocity profile. At sites where wave velocity 
increases gradually with depth, the velocity profile may be determined directly from the field data. 
The depth over which reliable measurements can be made depends upon the energy and frequency 
content of the source excitation and the consistency of the subgrade material. Measurements are 
not affected by the depth to the water table. 

The concept of measuring the velocity of Rayleigh waves of different frequencies to determine the 
profile of shear wave velocity with depth was first proposed by Jones (1962), in Great Britain, for 
pavement surveys and by Ballard (1964), at the Waterways Experiment Station in Vicksburg, 
Mississippi, for geotechnical analyses. These investigators used impact loading as the source 
excitation and developed an analysis based upon the assumption of a uniform, homogeneous layer. 
Stokoe and Nazarian (1985) at the University of Texas, Austin, extended the analysis to consider 
multi-layered media. These investigators also used a surface impact as the source excitation and 
thus reliable measurements were typically limited to maximum depths on the order of 10 meters by 
the relatively low energy content of the excitation at relatively long wave lengths. 

Satoh and his co-workers (1991) in Japan developed an electro-magnetic controlled vibrator for use 
as the source excitation. Large (2000 kg) mass, Controlled Source Spectral Analysis of Surface 
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Figure 40. Schematics of SASW testing (Kavazanjian et al., 1994). 
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Waves (CSSASW) equipment capable of penetrating over 100 meters below the ground surface has 
recently been developed. Comparisons between SASW and down hole velocity measurements have 
been made (Nazarian and Stokoe, 1984) and show good agreement between the two methods. 

5.4.4.3 Compressional Wave Velocity 

Compressional wave velocity may sometimes be required for seismic analyses. Compressional wave 
velocity can be directly measured in a bore hole survey or in a laboratory test. Alternatively, the 
compressional wave velocity can be calculated from the shear wave velocity and Poisson's ratio 
using equation 5-5. 

5.4.5 Evaluation of Cyclic Stress-Strain Parameters 

5.4.5.1 Laboratory Testing 

Laboratory testing for evaluation of cyclic stress-strain parameters of soil is appealing to many 
engineers because direct measurements are made of the hysteretic stress-strain behavior of soils. 
However, cyclic laboratory testing is subject to a variety of constraints, including: 

difficulty in reproducing field stresses (or strains); 
difficulty in recovering and testing undisturbed cohesionless soil samples; and 
the time and expense associated with cyclic laboratory testing. 

A summary of the different types of cyclic laboratory tests used in geotechnical practice and their 
advantages and limitations follows. More details on cyclic laboratory testing can be found in 
Kramer (1 996). 

Cyclic Direct Simple Shear Test 

The cyclic direct simple shear (CyDSS) test may provide the most accurate representation of the 
stress state resulting from a vertically propagating shear wave in a horizontally layered soil deposit 
of any laboratory test. The simple shear device consists either of a rectangle box made of hinged 
plates or a cylindrical wire-reinforced membrane which surrounds the sample and restrains the 
sample from deforming laterally during the test. The apparatus includes either an arrangement for 
applying a constant vertical load or for maintaining a constant sample height while measuring the 
vertical load and a mechanism for applying a horizontal cyclic shear load. The sample is usually 
formed directly in the simple shear device. However, undisturbed samples of cohesive soil or 
frozen sand can be tested in the devices that use wire-reinforced membranes. 



Cyclic Triaxial Test 

The cyclic triaxial test was developed for geotechnical purposes by Seed and his co-workers at the 
University of California at Berkeley in the 1960s and has been used extensively to evaluate cyclic 
behavior of soils. The device consists of a regular triaxial cell and a cyclic, often sinusoidal loading 
machine attached to the loading piston. The sample is isotropically consolidated in the triaxial cell 
and then subjected to a cyclic axial load in extension and compression. The primary drawback of 
the cyclic triaxial tests is that it does not provide a good representation of the stress state induced 
in the ground by an earthquake (see figure 34). The main difference in cyclic triaxial test stress 
conditions compared to the field conditions are: (1) the laboratory soil sample is isotropically 
consolidated, whereas the soil is under a KO condition in the field; (2) in the field there is a 
continuous reorientation of the principal stresses whereas in the triaxial test, the reorientation angle 
is either 0 or 90 degrees; (3) the cyclic shear stress is applied on a horizontal plane in the field but 
on a 45 degree plane in the triaxial test; and (4) the mean normal stress in the field is constant while 
the mean normal stress in the laboratory varies cyclically. 

Torsional Simple Shear Test 

In order to overcome some of the limitations of the CyDSS and triaxial tests, Ishibashi and Sherif 
(1974) developed a torsional simple shear test. The sample is "doughnut-like" in shape with outer 
to inner radius and outer to inner height ratios of about two. This doughnut-like shape ensures a 
relatively uniform shear strain on the horizontal plane throughout the sample. The torsional simple 
shear test offers several advantages over CyDSS and cyclic triaxial tests: 

simulates closely the field stress (strain) conditions like the CyDSS; 
it is possible to apply vertical and horizontal stresses independently; and 
permits the octahedral normal stress to remain unchanged during the test. 

There are also some disadvantages associated with this test: 

interpretation of the results is rather complicated and the definition of liquefaction 
(Ishibashi and Sherif, 1974) does not permit correlation of torsional simple shear 
results with those of other tests; 

mobilization of enough interface shear between the sample and the top and bottom 
plates to prevent slippage may be difficult, however steel pins cast into porous stones 
will provide good contact between the sample and the plates; and 

the shape of the sample makes the device impractical for use in conventional practice, 
particularly for undisturbed samples. 

Resonant Column Test 

The resonant column test for determining dynamic properties of soils is based on the theory of wave 
propagation in rods. Either compression or shear waves can be propagated through the soil 
specimen in resonant column testing. Solid or hollow specimens can be used in the apparatus. 



Either a sinusoidal torque or a vertical compressional load is applied to the top of the sample 
through the top cap. The deformation of the top of the specimen is measured. The excitation 
frequency is adjusted until the specimen resonates. The wave velocity or modulus is computed from 
the resonant frequency and the geometric properties of the sample and driving apparatus. Damping 
is determined by switching off the current to the driving coil at resonance and recording the 
amplitude of decay of the vibrations. The decay of the amplitude with time is used to determine 
the logarithmic decrement (the percentage decay over one log cycle of time), which is directly 
related to the viscous damping ratio. 

The primary problem associated with using resonant column tests to measure dynamic soil properties 
is that the test is generally limited to small to intermediate shear strains by the applied force 
requirements and resonant frequencies. Furthermore, at larger strains, hollow samples must be used 
to maintain a relatively constant shear strain across the sample. For these reasons, resonant column 
testing is primarily used to estimate small strain shear modulus. However, it can also be used to 
determine modulus reduction and equivalent viscous damping in intermediate strain range. 

5.4.5.2 Use of Empirical Correlations 

Parameters describing the cyclic soil properties required for a dynamic analyses include the initial 
(small strain) damping, A, the initial (small strain) shear modulus at small shear strain, G,, and 
the modulus reduction and damping curves for the soil. Small strain damping is difficult to 
evaluate. Therefore, an equivalent viscous damping ratio of 2 to 5 percent is commonly assumed 
in equivalent-linear analyses, while a viscous damping of 0.5 to 1 percent is commonly assumed in 
non-linear analyses. The small strain shear modulus, commonly referred to as the initial shear 
modulus, G,,, can be obtained from site-specific investigations or by using empirical correlations 
with index soil properties. Geophysical methods for establishing G,, were previously described. 
Table 5 presents the typical range of G,, for several generic soil types. 

Table 5. Typical values of initial shear modulus 

I Soft Clays I 2,750 - 13,750 I 

Type of Soil Initial Shear Modulus, G,, (kPa) 

I Silty Sands I 27,600 - 138,000 I 
Firm Clays 

I Dense Sands and Gravel I 69,000 - 345,000 I 

6,900 - 34,500 
I 1 



The parameter G,,,,, has been empirically related to both the SPT N value and CPT point resistance, 
q,. Correlations with SPT results by Seed et al. (1984) and Imai and Tonouchi (1982) and with 
CPT results by Mayne and Rix (1993) are presented in table 6. 

Following the initial work of Hardin and Drnevich (1972), many researchers developed empirical 
relationships to estimate G,,, of the following general form: 

where f(e) is some function of the void ratio, e,  OCR is the overconsolidation ratio, A is a 
normalizing constant, k is the power factor, and a', is the mean normal effective stress obtained as: 

where a', is the vertical effective stress and KO is the coefficient of lateral earth pressure at rest. 

Seed and Idriss (1970) developed a series of curves relating G,, to relative density and mean 
normal effective stress through a coefficient, (K,),: 

G,, = 1000 (K,),, (a',,,)" in psf (5-8) 

G,, = 220 (K,),, (al,,J" in psf (5-9) 

where (K,),,,,, is a function of relative density and soil type (see table 6). This approach has been 
further extended to estimate stress-dependent modulus reduction curves for sandy soils using the 
strain dependent parameter K, instead of (K,),,. An example of a curve relating K, to shear strain 
is shown in figure 41. Iwasaki et al. (1978) found that the mean normal effective stress is the 
predominant factor that governs the modulus reduction of cohesionless soils and developed stress 
dependent curves shown in figure 42. Note that the authors did not provide damping curves. 

Vucetic and Dobry (1991) have shown that the relationships between modulus reduction and cyclic 
shear strain and between equivalent viscous damping and cyclic shear strain can, with a relatively 
high degree of confidence, be reduced to a set of curves that depend on the plasticity index, PI, of 
the soil. The Vucetic and Dobry modulus reduction and damping curves are presented in figure 43. 
Note that the curves for PI equal to zero apply to sands, gravels, and other cohesionless soil. The 
Vucetic and Dobry PI = 0 damping curve may be used in conjunction with the Iwasaki et al. (1978) 
stress-dependent modulus reduction curve to characterize the dynamic behavior of sandy soils. 



Table 6. Correlations for estimating initial shear modulus. 

Reference I Correlation 

Seed et al. (1984) 

[mai and Tonouchi (1982) 

Hardin (1978) 

lamiolkowski et al. (1991) 

- - -  - - 

Units Limitation 

75 for very dense sands; = 80- 180 

Mayne and Rix (1993) 
G,, = 99. 5(Pa)0.305 (qc)0.695/(eo)1.'3 

kPa 

I Limited to cohesive soils 

Limited to cohesionless soils 

kPa(') 

- -- - ~-p 

Limited to cohesive soils 
Pa = atmopsheric pressure 

kPaQ) Limited to cohesive soils I Pa = atmopsheric pressure 

kPa(') 

Notes: ('' Pa and a', in kPa "' Pa and qc in kPa 

Pa = atmopsheric pressure 



The modulus reduction curves shown on figures 41, 42, and 43 end at a shear strain level of 
1 percent. In areas of high seismicity (e.g., California) cyclic strains in soils may exceed 1 percent. 
If necessary, modulus reduction curves can be extended to shear strain levels larger than 1 percent 
using a procedure developed by CALTRANS and elaborated upon in Jackura (1992). 

Figure 41. Shear modulus reduction curves for sands (Seed and 
Idriss, 1970, reprinted by permission of ASCE). 





CYCLIC SHEAR STRAIN, y, (%) 

Figure 42. Shear modulus reduction curves for sands (Iwasaki et al., 1978, reprinted by 
permission of Japanese Society of Soil Mechanics and Foundation Engineering). 

5.4.6 Peak and Residual Shear Strength 

The peak shear strength of soil not subject to strength degradation under cyclic loading may be 
evaluated using conventional methods, including laboratory and in situ testing and correlations with 
soil index properties. A key difference in seismic problems compared to static problems is that 
undrained strength parameters are typically used for the strength of saturated soils subjected to cyclic 
loading, even for cohesionless soils (e.g., sands, gravels) because of the relatively rapid rate of 
earthquake loading. 

The dynamic undrained shear strength of a soil may be influenced by the amplitude of the cyclic 
deviator stress, the number of applied loading cycles, and the plasticity of the soil. For saturated 
cohesionless soils, even relatively modest cyclic shear stresses can lead to pore pressure rise and 
a significant loss of undrained strength. However, Makdisi and Seed (1978) point out that 
substantial permanent strains may be produced by cyclic loading of clay soils to stresses near the 
yield stress, while essentially elastic behavior is observed for large numbers of (> 100) cycles of 
loading at cyclic shear stresses of up to 80 percent of the undrained strength. Therefore, these 
investigators recommend the use of 80 percent of the undrained strength as the "dynamic yield 
strength" for soils that exhibit small increases in pore pressure during cyclic loading, such as clayey 
materials, and partially saturated cohesionless soils. 
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Figure 43. Shear modulus reduction and damping ratio as a function of shear 
strain and soil plasticity index (Vucetic and Dobry, 1991, 
reprinted by permission of ASCE). 



Evaluation of the potential for shear strength reduction in a saturated or almost saturated 
cohesionless soil (low plasticity silt, sand, or gravel) subjected to dynamic loading may require 
sophisticated cyclic laboratory testing. Alternatively, a residual strength may be assigned to the soil 
based upon either undrained laboratory tests or in situ test results. 

The residual shear strength after cyclic loading is of critical importance in assessing the post- 
liquefaction stability of a foundation or earth structure. Saturated soils which liquefy typically 
possess some "residual" shear strength even when in the liquefied state. In initially loose soils, this 
residual strength may be very small and of little consequence. In initially dense soils, particularly 
in dense granular soils which tend to dilate, or expand in volume, when sheared, this residual 
strength can be significant and of great consequence in acting as a stabilizing force subsequent to 
liquefaction. 

Evaluation of residual shear strength from laboratory tests is not typically recommended due to the 
difficulties associated with testing. Use of residual strengths derived from in situ testing is, in 
general, considered more reliable than use of laboratory test results. However, use of residual 
strengths in assessments of the pseudo-static factor of safety and/or yield acceleration can result in 
very conservative values (Marcuson et al., 1990), as discussed in chapter 7. 

The steady-state shear strength, S,,, governs the behavior of liquefied soil. Poulos et al. (1985) 
proposed a methodology for evaluation of the in situ S,, based on obtaining high-quality soil samples 
with minimal disturbance. The high-quality samples were tested in the laboratory and the laboratory 
strengths were then adjusted for field conditions using specially developed techniques to correct the 
resulting laboratory S,, values for effects of void ratio changes due to sampling, handling, and test 
set-up. Due to the very high sensitivity of S,, to even small changes in void ratio, the laboratory 
techniques proposed by Poulos et al. presently do not appear to represent a reliable basis for 
engineering analyses unless very conservative assumptions and high factors of safety are employed 
to account for the considerable uncertainties involved. 

Because of difficulties in measuring steady-state strength in laboratory, Seed (1987) proposed an 
alternate technique for evaluation of in situ undrained residual shear strength based on the results 
of SPT testing. He back analyzed a number of liquefaction-induced failures from which residual 
strength could be calculated for soil zones in which SPT data was available, and proposed a 
correlation between residual strength, S,, and (NJ-.  (N,),,, is a "corrected" normalized 
standardized SPT blow count, as discussed in chapter 5.4.2.1, with a correction, N,,,, for fines 
content to generate an equivalent "clean sand" blow count as: 

where N,,,, is a function of percent of fines. Recommendations for selecting N,, are given in the 
insert of figure 44. Since there is no guarantee that all the conditions for steady-state of deformation 
were satisfied in the case histories used to develop figure 44, the term residual strength is used 
instead of steady-strength strength. Note that the fines correction on figure 44 is the same 
"fines" correction as is used in the liquefaction susceptibility analyses (see, e.g., figure 58). 



Figure 44 presents an updated and revised version of the Seed (1987) residual shear strength 
correlation developed by Seed and Harder (1990). Due to scatter and uncertainty and the limited 

. number of case studies back analyzed to date, it is recommended that the lower-bound curve and 
the average (N,),,, from all borings be used to estimate S,. If lower bound, rather than average, 
(N,),, values are used, Sr may reasonably be estimated based upon the average of the lower and 
upper bound curves in figure 44. 

Earthquake-induced liquefaction and sliding case histories where 
SPT data and residual strength parameters have been measured. 

0 Earthqueke-induced liquefaction and sliding case histories where 
SPT deta and residual strength perameters have been estimated. 

[I] Construction-induced liquefaction and sliding case histories. 

San Fel mando dam 

0 4 8 12 16 20 24 

Equivalent "clean sand" SPT blow count, (N,),,,, 

Figure 44. Relationship between corrected "clean sand" blow count (N,),, 
and undrained residual strength (S,) from case studies (Seed 
and Harder, 1990). 



CHAPTER 6, 

SEISMIC SITE RESPONSE ANALYSIS 

6.1 GENERAL 

The local soil profile at a project site can have a profound effect on earthquake ground motions. 
Local soil conditions can affect the intensity, frequency content, and duration of strong shaking. 
Amplification of peak bedrock acceleration by a factor of four or more and amplification of spectral 
accelerations by a factor of ten or more have been attributed to the response of the local soil profile 
to the bedrock ground motions. 

The influence of local soil conditions on seismic ground motions can be assessed either in a gross 
empirical manner (using "soil-site" attenuation relationships, seismic hazard maps for soil sites, andl 
or code-prescribed response spectra for soil sites) or by conducting a site-specific seismic site 
response analysis. The choice of the approach to employ is usually a discretionary decision of the 
design engineer and depends on a variety of factors, including local seismicity, local soil conditions, 
type of facility, and the importance of the project. For major projects and critical facilities, when 
an analysis more accurate than a gross empirical analysis is desired, and for deep deposits of soft 
clay and other Special Study soil sites (see UBC, 1994 and table 3), a site-specific site response 
analysis is usually warranted. A site-specific response analysis can be performed for foundation 
soils, for earthen embankments, or for the coupled response of foundation soil and an embankment, 
as discussed in the remainder of this chapter. 

6.2 SITE-SPECIFIC SITE RESPONSE ANALYSES 

Site-specific seismic site response analyses are generally based upon the assumption of a vertically 
propagating shear wave through uniform horizontal soil layers of infinite lateral extent. The 
influence of vertical motions, compression waves, laterally non-uniform soil conditions, incoherence 
and spatial variation of ground motions are typically not accounted for in conventional seismic site 
response analyses. Evaluation solely of the impact of vertically propagating shear waves in a site 
response analysis is consistent with common design and code practices. It is also consistent with 
geotechnical engineering analyses for liquefaction potential and seismic slope stability, which 
consider only the horizontal component of the seismic motions. Three different levels of site- 
specific seismic site response analysis are available to the geotechnical engineer. 

simplified (empirical) analysis; 
equivalent-linear one-dimensional site response analyses; and 
advanced one- and two-dimensional site response analyses. 



These three levels of site response analysis are discussed in detail in the remainder of this chapter. 

6.3 SIMPLIFIED SEISMIC SITE RESPONSE ANALYSES 

For screening purposes and preliminary analyses, the influence of local soil conditions on seismic 
site response can be assessed in a simplified manner using empirical relationships which correlate 
ground motions at rock sites to those at soil sites. These relationships, developed on the basis of 
both observations of ground motions in earthquakes and one-dimensional site response analysis, 
provide amplification factors that can be used to provide a rough estimate of the free-field (i.e., not 
affected by structure andlor topography) peak ground acceleration at soft and stiff soil sites from 
the free-field rock site peak ground acceleration determined in a seismic hazard analysis. Empirical 
relationships for the amplification of peak ground acceleration by earthen embankments have also 
been developed. 

Whereas structural analyses typically require information on the spectral content of ground motions, 
and thus require a complete time history to characterize the design motion, geotechnical analyses 
frequently only require knowledge of either the peak ground acceleration or a combination of peak 
ground acceleration and earthquake magnitude. Earthquake magnitude and the peak acceleration at 
a hypothetical bedrock outcrop at the project site are generally evaluated as part of the seismic 
hazard analysis (see chapter 3). Several investigators have developed empirical relationships 
between the peak ground acceleration at a hypothetical bedrock outcrop at the project site to the 
peak ground acceleration at a specific site as a function of the local soil conditions. The plot on 
figure 45 shows a relationship developed by Seed and Idriss (1982) for soft soil and stiff soil site 
conditions. This plot was developed using SHAKE, a computer program for equivalent-linear one- 
dimensional site response analyses described in greater detail in section 6.4. 

Experience from recent earthquakes has shown that the curves shown on figure 45 may significantly 
under-predict site amplification effects in many situations. Figure 46 shows an updated site 
amplification relationship for free-field soft soil sites developed by Idriss (1990). This updated plot 
yields peak acceleration values significantly greater than the soft soil site curve from the 1982 Seed 
and Idriss plot. The updated plot was developed by Idriss (1990) from both SHAKE analyses and 
field observations of soft soil site response in recent earthquakes. 

Figure 47 presents a comparison of peak acceleration values recorded at the base (usually bedrock) 
of several earthen dams and the corresponding peak acceleration at the crest (Harder, 1991). 
Figure 47 indicates that larger amplification effects may be expected in earthen structures than at 
free-field soft soil sites due to two-dimensional effects. 
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Figure 45. Relationship between PHGA on rock and on other local site conditions 
(after Seed and Idriss, 1982, reprinted by permission of EERI). 
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Figure 46. Relationship between PHGA on rock and on soft soil sites (Idriss, 1990). 



PEAK TRANSVERSE BASE ACCELERATION ( Q) 

Figure 47. Comparisons of peak base and crest accelerations 
recorded at earth dams (Harder, 1991). 

The free-field soft soil site amplification curve presented in figure 46 and the embankment response 
observational data presented in figure 47 may be used in a simplified three- or four-step site 
response analysis procedure to account for the influence of local soil conditions and earthen 
embankments on the peak ground acceleration at a project site. The three- or four-step procedure 
is as follows: 

Step 1: Classlfl the site. Using table 3 (Borcherdt; 1994), classify the site as a Special 
Study, soft, medium stiff, stiff, or rock on the basis of the average shear wave 
velocity for the top 30 meters of soil. 

Step 2: Estimate the hypothetical free-field bedrock acceleration at the site. Using one 
of the methods discussed in chapter 3, estimate the free-field peak ground 
acceleration at a hypothetical bedrock outcrop at the project site. 



Step 3: Estimate the free-field acceleration at  the site. Estimate the potential 
amplification of the hypothetical bedrock peak ground motion by the local soil 
conditions based upon the soil profile classification. For soft soils, use the curve 
shown on figure 46 recommended by Idriss (1990). For medium stiff and stiff 
soil sites, for all acceleration levels, assume the free-field peak ground 
acceleration at the site is equal to the peak rock site acceleration. For Special 
Study soil sites, figures 45 and 46 should not be used. Instead, site specific 
seismic response analyses such as those described in the next section of this 
chapter should be conducted. 

Step 4: Estimate the peak acceleration at the top of the embankment. Estimate the 
potential amplification of the peak acceleration at the top of the embankment, if 
an embankment is present, using the free-field peak soil acceleration derived in 
Step 3 and the earth dam amplification curve in figure 47. 

Step 4 in the procedure presented above is based upon a simplified, "decoupled" assumption that 
the peak acceleration at the base of the embankment is the same as the free-field peak acceleration, 
thereby ignoring interaction between the embankment mass and the ground. Analyses of the coupled 
response of embankments and foundation soils indicates that this simplified, decoupled analysis 
usually yield a conservative upper bound estimate of the acceleration at the base of the embankment 
(Bray et al., 1995). However, in general, this simplified approach is intended only to give a rough 
estimate of amplification effects at a site and is not intended for use in final design of highway 
facilities. The design engineer should decide if this approach is appropriate for the intended purpose 
or, if it is necessary to perform a more sophisticated analysis. 

The peak acceleration at the top of an embankment estimated in step 4 may also be used in 
preliminary analyses for various highway ancillary structures and for structures constructed on top 
of embankment fill. This acceleration is not, however, the appropriate peak acceleration for use in 
seismic stability and deformation potential calculations for an embankment mass or for bridge 
abutments. For these calculations, the average acceleration of the assumed failure mass, and not 
the acceleration at the top of the embankment, should be used. The average acceleration is directly 
proportional to the seismically-induced inertia forces and thus is the relevant response quantity. The 
peak average acceleration is always less than the peak ground acceleration due to spatial averaging. 

For a given embankment height, h, and peak acceleration at the top of the embankment, a,, the 
peak average acceleration, k,, may be estimated at any elevation y within an embankment from 
the Makdisi and Seed (1978) chart. This chart, developed on the basis of one- and two-dimensional 
equivalent-linear site response analyses of earth dams, is shown on figure 48. 
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Figure 48. Variation of peak average acceleration ratio with depth of sliding 
mass (Makdisi and Seed, 1978, reprinted by permission of ASCE). 

6.4 EQUIVALENT-LINEAR ONE-DIMENSIONAL SITE RESPONSE ANALYSES 

When an analysis more accurate than the simplified analysis presented above is desired, a formal 
seismic site response analysis can be performed. Equivalent-linear one-dimensional analysis is by 
far the most common method used in engineering practice to analyze seismic site response. Even 
if a two-dimensional embankment or slope is to be analyzed, a one-dimensional response analysis 
can be used. Experience with response analyses of earth dams has shown that one-dimensional 
response analysis of vertical columns of soil within a two-dimensional earth structure provide a 
reasonable approximation of the two-dimensional response (Vrymoed and Calzascia, 1978). 

In a one-dimensional equivalent-linear site response analysis, the soil profile is modeled as a 
horizontally layered, linear visco-elastic material characterized by an initial (small-strain) shear 
modulus and an equivalent viscous damping ratio. To account for the non-linear, strain-dependent 
behavior of soil, the equivalent-linear modulus and equivalent viscous damping ratio are evaluated 
from the modulus reduction and damping curves (see chapter 5). The equivalent-linear material 



properties are evaluated in each iteration at the calculated egective shear strain level. The effective 
shear strain level is usually specified as: 

where ye,, is effective strain, y,,, is maximum absolute value of shear strain and n is the erective 
strain factor. Because ye, is not known prior to the start of the analysis, equivalent-linear response 
analyses are performed in an iterative manner, using the effective strain from one iteration of the 
analysis to evaluate the equivalent modulus and viscous damping ratio for the next iteration. Usually 
5 to 10 iterations are needed for convergence. 

The computer program SHAKE, originally developed by Schnabel et al. (1972) and updated by 
Idriss and Sun (1992) as SHAKE91, is perhaps the most commonly used computer program for one- 
dimensional equivalent-linear seismic site response analysis. SHAKE91 is available from the 
National Information Service for Earthquake Engineering (NISEE) at the University of California 
at Berkeley for a nominal cost. Basic input to SHAKE91 includes the soil profile, soil parameters, 
and the input acceleration time history. Soil parameters used in SHAKE91 include the shear wave 
velocity or initial (small strain) shear modulus and unit weight for each soil layer. Also, curves 
relating the shear modulus reduction and equivalent viscous damping ratio to shear strain for each 
soil type are used. Evaluation of representative values for these soil properties is discussed in 
chapter 5. 

Once the soil profile and material properties have been specified, the only remaining input is the 
earthquake motion. Selection of representative acceleration time histories for the input motion is 
discussed in chapter 4. The acceleration-time history may be input as either the motion at a 
hypothetical bedrock outcrop (most commonly used option because it is congruent with assumptions 
embedded in attenuation relationships) or at the bedrock-soil interface at the base of the soil column. 
Results of the analysis provide shear stress-, shear strain-, and acceleration-time histories and peak 
values for the ground surface, hypothetical bedrock outcrop, and for each layer within the soil 
profile. 

Historically, the value of the effective strain factor used in SHAKE analyses to determine the 
equivalent-linear modulus and damping has been n = 0.65. However, based upon back analysis of 
strong motion records obtained at soil sites in recent earthquakes, several investigators have 
proposed that n be related to the earthquake magnitude. Equation 6-2 presents the relationship 
between earthquake magnitude, M,, and n as proposed by Idriss and Sun (1992). 



6.5 ADVANCED ONE- AND TWO-DIMENSIONAL SITE RESPONSE ANALYSES 

6.5.1 General 

An advanced seismic site response analysis may be necessary if one or more of the following 
project-specific conditions exists: (1) the project is considered important or critical; (2) irregular 
boundary conditions must be modeled; (3) the project includes an embankment founded on Special 
Study soils; and (4) an analysis more accurate than a one-dimensional equivalent-linear site response 
analysis is desired. Depending on the particular situation, either one-dimensional non-linear or two- 
dimensional equivalent-linear or non-linear site response analyses may be employed. 

6.5.2 One-Dimensional Non-Linear Site Response Analyses 

The primary difference between non-linear and equivalent-linear site response analyses is that non- 
linear analyses use a more realistic model to represent the behavior of soil subjected to cyclic loads. 
Essentially, a non-linear model traces the evolution of the hysteresis loops generated in a soil by 
cyclic loading in a sequential manner, whereas the equivalent-linear model only approximates the 
representative soil stiffness and damping over the entire sequence of cyclic loads. The more realistic 
representation of the non-linear behavior of cyclically-loaded soils gives non-linear analyses a 
significant advantage over equivalent-linear seismic response analyses at higher levels of seismic 
shaking where non-linear effects tend to dominate. 

In general, equivalent-linear site response analyses are considered unreliable at ground shaking levels 
in excess of 0.4 g (see Ishihara, 1986) or if calculated peak shear strains exceed approximately 
2 percent. However, non-linear site response analyses are also subject to limitations. The material 
models used in non-linear site response analyses often require parameters for which readily 
obtainable or published values do not exist. Furthermore, computer programs for non-linear site 
response analysis are not readily available to the general engineering community. Therefore, even 
though non-linear site response analyses typically provide a more accurate and more versatile 
representation of seismic behavior, equivalent-linear site response analyses and other approximate 
solutions still dominate highway engineering practice. 

The computer program DESRA-2, originally developed by Lee and Finn (1978), and its 
descendants, are perhaps the most commonly used computer programs for performing total stress, 
one-dimensional non-linear seismic site response analysis. Basic input to DESRA-2 includes the soil 
profile, parameters of the Kondner and Zelasko (1963) constitutive model, and the input time history 
of ground motions. The Kondner-Zelasko constitutive model uses a hyperbola to describe the 
backbone curve of the hysteresis loop. The backbone curve of a soil element is drawn by 
connecting the tips of the hysteresis loops generated during uniform cyclic loading. Hysteresis loops 
are generated from the backbone curve based upon the assumption of Masing (1926) behavior during 
cyclic loading. Parameters required for the Kondner-Zelasko (1963) model are the shear modulus 
at small strains and the shear strength of the soil. However, as noted by several researchers (see 
e .g . ,  Ishihara, 1986), the relatively simple Kondner-Zelasko model can not accurately simulate the 
cyclic behavior of soil in the small shear strain range (i.e., for shear strain levels less than 
0.1 percent). 



Various derivative codes of DESRA-2 are also in use. In several of these codes, modifications have 
been made to improve the accuracy of the Kondner-Zelasko constitutive model at small strains. 
Chang et al., (1991) developed the computer program MARDES to study nonlinear ground response 
at a liquefied site in Taiwan. MARDES uses the three-parameter Martin-Davidenkov (Martin, 1975) 
constitutive model which enables a more accurate description of non-linear soil behavior than the 
Kondner-Zelasko model. Matasovii (1993), while studying pore water pressure generation in 
saturated clay deposits, developed the computer program D-MOD. D-MOD employs a Modified 
Kondner and Zelasko (M-K-2) constitutive model (MatasoviC and Vucetic, 1993) that also provides 
a better description of the actual soil behavior than the Kondner-Zelasko model. The M-K-Z 
parameters can be directly evaluated by curve-fitting of modulus reduction and damping curves. 
Li et al. (1992) developed a computer program, SUMDES, which enables calculation of the seismic 
response of soil deposits subjected to multi-directional shaking. Computer programs with non-linear 
soil models can also be used for evaluation of pore pressure generation and liquefaction potential 
and of the impact of pore pressure generation on site response in an effective stress analysis. 

6.5.3 Two-Dimensional Site Response Analyses 

A variety of finite element and finite difference computer programs are available for use in two- 
dimensional seismic site response analyses. The computer program QUAD4, originally developed 
by Idriss and his co-workers (Idriss et al., 1973) and recently updated as QUAD4M by Hudson et 
al. (1994), is among the most commonly used computer programs for two-dimensional site response 
analysis. QUAD4M uses an equivalent-liner soil model similar to the model used in SHAKE. Basic 
input to QUAD4M includes the two-dimensional soil profile, equivalent-linear soil properties, and 
the time history of horizontal ground motion. Time history of vertical ground motion may also be 
applied at the base of the soil profile. The base can be modeled as a rigid boundary, with design 
motions input directly at the base, or as a transmitting boundary which enables application of ground 
motions as hypothetical rock outcrop motions. With respect to the input soil properties, QUAD4M 
is very similar to SHAKE91. However, the ability to analyze two-dimensional geometry and the 
option for simultaneous base excitation with horizontal and vertical acceleration components make 
QUAD4M a more versatile analytical tool than SHAKE91. 

A major difference between the QUAD4M and SHAKE91 equivalent-linear models is that the 
damping ratio in QUAD4M depends on the frequency of excitation or rate of loading. In 
QUAD4M, the equivalent-linear viscous damping ratio is used to fix the frequency dependent 
damping curve at the natural frequency of the soil deposit in order to optimize the gap between 
model damping and the damping ratio. A major drawback of QUAD4M is its limited pre- and post- 
processing capabilities. These limited capabilities make finite element mesh generation and 
processing and interpretation of the results difficult and time consuming. QUAD4M is available 
from the National Information Service for Earthquake Engineering (NISEE) at University of 
California at Berkeley for a nominal cost. 

Other two-dimensional equivalent-linear seismic site response analysis computer programs that are 
available to the public include program TELDYN (Pyke, 1995) and FLUSH (Lysmer et al., 1975). 
TELDYN is an enhanced version of the original QUAD4 which can also be run in a nonlinear mode 
and is fully supported by its developer. FLUSH is a versatile frequency-domain program equipped 



with transmitting boundaries which enable calculations with a mesh of smaller size and a "quasi" 
three-dimensional analysis option. Because of the quasi three-dimensional analysis capabilities, 
FLUSH is popular for use in soil-structure interaction problems and for analyses of major earth 
dams. 

Computer programs are also available for truly non-linear two-dimensional seismic site response 
analyses (e.g., Prevost, 1981 ; Finn et al., 1986; Cundall and Board, 1988; Muraleetharan et al., 
199 1 ; Bardet, 1992). However, these programs are not particularly "user-friendly" and usually 
require involvement of the developers to establish the parameters of constitutive models and 
boundary conditions. Therefore, such programs are not commonly used in geotechnical engineering 
practice. 



CHAPTER 7 

SEISMIC SLOPE STABILITY 

7.1 BACKGROUND 

The ground accelerations associated with seismic events can induce significant inertia forces that 
may lead to instability and permanent deformations of natural and man-made slopes and 
embankments. There are, in general, two different but related methods used to evaluate the seismic 
stability of slopes and embankments in conventional geotechnical practice: (1) the seismic 
coefficient-factor of safety approach; and (2) the permanent seismic deformation approach. Both 
of these approaches to seismic stability assessment employ pseudo-static limit equilibrium analysis. 

An essential element in both seismic coefficient-factor of safety analyses and permanent seismic 
deformation analyses to assess seismic slope stability is limit equilibrium slope stability analyses. 
In a pseudo-static limit equilibrium analysis, the earthquake inertia forces are represented by static 
loads applied at the center of gravity of each "slice" through the potential failure mass. Numerous 
limit equilibrium methods and procedures are currently available to evaluate static slope stability 
(Duncan, 1992). Most of these methods are, in some form, also suitable for pseudo-static seismic 
stability analysis. Pseudo-static limit equilibrium analyses required for both seismic coefficient and 
permanent seismic deformation analyses are generally carried out using the same model of the slope 
used in the static stability analysis. The cross sections are often reinterpreted using appropriate 
dynamic shear strength parameters. However, even if the cross section doesn't change, the search 
for the critical surface, i.e., the surface with the lowest factor of safety or yield acceleration, may 
have to be repeated because the critical surface from the static analysis is not necessarily the same 
as the critical surface for the dynamic analysis. 

A wide variety of commercially available computer programs exist that can perform both static and 
pseudo-static limit equilibrium analyses. Most of these programs provide general solutions to slope 
stability problems with provisions for using the simplified Bishop, simplified Janbu, and/or 
Spencer's method of slices. Potential sliding surfaces, both circular or polygonal, can usually be 
pre-specified or randomly generated. Commonly used programs include PCSTABU (Carpenter, 
1985) and PCSTABLS (Achilleos, 1988) developed at Purdue University, UTEXAS3 (Wright, 1995) 
developed at the University of Texas at Austin, XSTABL (Sharma, 1994) developed at University 
of Idaho, Moscow, and SLOPEW distributed by Geo-Slope International. 

In principle, pseudo-static limit equilibrium analysis can be performed using either a total or an 
effective stress analysis. Problems of estimating pore pressures induced by cyclic shearing are 
avoided by using a total stress analysis. The typical Corps of Engineers practice for pseudo-static 
stability analyses in sandy soils is to use a composite shear strength envelope based on consolidated 
drained (CD) test results at low confining pressures ("S" envelope) and on consolidated undrained 
(CU) test results at high confining pressures ("R" envelope), as shown on figure 49. This strength 
envelope, which conservatively takes into account any possible dissipation of shear-induced negative 



pore pressures that might occur in the field in stiff clays and dense sands, is recommended for 
pervious soils. For soils of low permeability, in which undrained conditions are more likely to exist 
during an earthquake, a CU strength envelope is appropriate. 

NORMAL STRESS, 6 

Figure 49. Composite shear strength env.elope. 

In the seismic coefficient - factor of safety approach to pseudo-static limit equilibrium analysis, a 
seismic coefficient is used to represent the effect of the inertia forces imposed by the earthquake 
upon the potential failure mass. An allowable factor of safety is associated with the seismic 
coefficient in such a way that the behavior of the slope is within the range considered acceptable, 
i.e., the slope or embankment will experience acceptable deformation in the design earthquake. The 
seismic coefficient, k,, is a dimensionless constant. The main drawback of the seismic coefficient 
- factor of safety approach lies in the difficulty of directly relating the value of the seismic 
coefficient to the characteristics of the design earthquake. Therefore, a considerable amount of 
conservatism is usually built into seismic coefficient - factor of safety analyses. Use of either the 
peak ground acceleration PGA, or the peak average horizontal acceleration of the failure mass, k,,, 
as the seismic coefficient (expressed as a function of gravity, i.e., k, = k,,lg) in conjunction with 
a pseudo-static factor of safety of 1.0 has been shown to give excessively conservative assessments 
of slope performance in earthquakes. However, little guidance on selection of the seismic 
coefficient as a fraction of the peak acceleration is available to the engineer. 

In contrast to the seismic coefficient-factor of safety approach, the permanent seismic deformation 
approach involves the explicit calculation of cumulative seismic deformation. In this approach, the 
potential failure mass is treated as a rigid body on a yielding base. The acceleration time history 
of the rigid body is assumed to correspond to the average acceleration time history of the failure 
mass. Deformation accumulates when the rigid body acceleration exceeds the yield acceleration of 
the failure mass, ky, where ky is defined as the horizontal acceleration that results in a factor of 
safety of 1.0 in a pseudo-static limit equilibrium analysis. The method, most commonly used for 



calculating the permanent seismic deformation of a slope or embankment, is termed the Newmark 
method (Newmark, 1965). 

In a Newmark analysis, relative displacement is usually assumed to accumulate in only one 
direction, the downslope direction. Using this assumption, the yield acceleration in the other 
(upslope) direction is implicitly assumed to be larger than the peak acceleration of the failure mass 
being analyzed. Furthermore, vertical accelerations are typically ignored in a Newmark analysis. 

For practical purposes, the seismic coefficient - factor of safety and permanent seismic deformation 
approaches may be combined into a unified seismic slope stability and deformation analysis, as 
discussed in section 7.4.  

SEISMIC COEFFICIENT-FACTOR OF SAFETY ANALYSES 

7.2.1 General 

The traditional pseudo-static limit equilibrium method of seismic stability analysis is illustrated in 
figure 50. Simplifications made in using the pseudo-static approach to evaluate seismic slope 
stability include replacing the cyclic earthquake motion with a constant horizontal acceleration equal 
to k, -g, where k, is the seismic coefficient, and g is acceleration of gravity, and assuming that this 
steady acceleration induces an inertia force k,W through the center of gravity of the potential failure 
mass, where W is the weight of the potential failure mass. 

In the seismic coefficient-factor of safety approach to pseudo-static stability analyses, the engineer 
attempts to select a seismic coefficient and allowable factor of safety such that the cumulative 
permanent deformation in the design earthquake is small enough to be acceptable. The seismic 
coefficient is always less than the peak average acceleration of the failure mass and the factor of 
safety is typically between 1.0 and 1.2. The reason the seismic coefficient is always less than the 
peak average acceleration is as follows: Earthquakes produce ground motions that in turn induce 
inertia forces of an alternating nature in slopes or embankments. The alternating inertia forces are 
of short duration and change direction many times. Therefore, even though the factor of safety 
during a cycle of earthquake loading may fall below one, it will usually remain below one for only 
a very brief period of time, until the load reverses. During the interval when the factor of safety 
is below one, permanent displacement will accumulate. However, only limited displacements will 
occur during the interval because of its short duration. Therefore, even though the seismic 
coefficient is less than the peak average acceleration of the failure mass, the cumulative deformation 
that occurs over the entire earthquake will be small provided the seismic coefficient and factor of 
safety are selected appropriately. 

To perform pseudo-static slope stability analyses, estimates of the unit weight and the dynamic shear 
strength parameters of the various soils in the slope cross section are needed. Such data can be 
obtained directly through laboratory or in situ tests, from data in the literature, or evaluated 
indirectly through back analyses of representative case histories. The reader is referred to chapter 5 
of this document for details on evaluation of the shear strength of soils subjected to seismic loading. 
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Figure 50. Pseudo-static limit equilibrium analysis for seismic loads. 

7.2.2 Selection of the Seismic Coefficient 

A major difficulty in the application of the seismic coefficient-factor of safety approach to seismic 
stability analysis arises from the fact that there are many different views on how to define the 
seismic coefficient (Seed and Martin, 1966; Seed, 1979; Marcuson, 1981 ; Hynes and Franklin, 
1984). In many building codes, empirical values based on judgement and experience are used 
(k, = 0.1 to 0.25 is typical in the United States; k, = 0.15 to 0.25 is typical in Japan). Seed (1979) 
reports that clay slopes and embankments with a pseudo-static factor of safety of 1.15 using a 
seismic coefficient of 0.15 have experienced "acceptable" deformations in earthquakes of magnitude 
as great as 8.5 subjected to peak acceleration levels as great as 0.75 g. Seed's definition of 
acceptable deformation appears to include deformations of up to one meter in some cases. Seed 
(1979) also recommends that, for earthquakes of magnitude 6.5 or less, a seismic coefficient of 0.10 
combined with a factor of safety of 1.15 should be used. Seed's definition recognizes the 



importance of earthquake magnitude in determining the seismic coefficient. Unfortunately, this 
definition provides no guidance on selection of an appropriate value for h, for earthquakes with 
peak acceleration levels less than 0.75 g. 

Other investigators have attempted to relate the seismic coefficient to the peak horizontal ground 
acceleration without considering earthquake magnitude. Figure 51 shows the results of Newmark 
seismic deformation analyses performed by Hynes and Franklin (1984) using 348 strong motion 
records (all soillrock conditions; 4.5 < M, < 7.4) and 6 synthetic records. Based upon this data 
and their experience with seismic response analyses of slopes and embankments, Hynes and Franklin 
(1984) concluded that slopes and embankments designed with a yield acceleration k, equal to half 
the peak ground acceleration a,, (i.e., a factor of safety of 1.0 for k, = 0.5 a,/g) would 
experience permanent seismic deformations, u, of less than one meter in any earthquake, even for 
embankments where amplification of peak accelerations by a factor of three occurs. In the absence 
of amplification, or if amplification is taken into account in determining the peak acceleration, the 
Hynes and Franklin "upper bound" curve presented in figure 51 suggests that deformations will be 
less than 0.3 m for yield accelerations greater than or equal to one-half the peak acceleration for all 
cases. Therefore, based upon the work of Hynes and Franklin, it appears that a value of k, equal 
to 0.5 . k,Jg will limit permanent seismic deformations to less than 0.3 m, where k,, is peak 
horizontal average acceleration of the potential failure mass. The value of k,, can be estimated 
using the methods presented in chapter 6 of this document. 
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Figure 5 1. Permanent seismic deformation chart (Hynes and Franklin, 
1984, reprinted by permission of U.S. Army Engineer 
Waterways Experiment Station). 



The Hynes and Franklin curves illustrate the influence of the magnitude of the allowable 
deformation on selection of the seismic coefficient. When using the upper bound curve on figure 
5 1, the value of kJk,, is 0.17 for 1 m of permanent displacement. Thus, the Hynes and Franklin 
results indicate that deformations will be limited to less than 1 m if the yield acceleration is greater 
than 0.17 (approximately 116) of the peak average acceleration of the potential failure mass. 

7.3 PERMANENT SEISMIC DEFORMATION ANALYSES 

7.3.1 Newmark Sliding Block Analysis 

Permanent seismic deformation analyses for slopes and embankment are generally conducted using 
the Newmark method (1965) in which the failure mass is modeled as a block on a plane. The 
shearing resistance between the potential sliding mass and the underlying soil, or between the block 
and the plane, is evaluated in terms of the yield acceleration, k,, the acceleration that will reduce 
the factor of safety obtained in a pseudo-static analysis to 1 .O. The lowest yield acceleration for all 
possible failure surfaces passing through the slope or embankment should be used in the Newmark 
analysis. 

In contrast to the seismic coefficient - factor of safety approach, the Newmark permanent seismic 
deformation approach involves the explicit calculation of cumulative seismic deformations. In the 
Newmark approach, the potential failure mass is treated as a rigid body on a yielding base. The 
acceleration time history of the rigid body is assumed to correspond to the average acceleration time 
history of the failure mass. Deformations accumulate when the rigid body acceleration exceeds its 
yield acceleration. 

The calculation of permanent seismic deformations using the Newmark approach is depicted in 
figure 52. Acceleration pulses in the time history that exceed the yield acceleration are double 
integrated to calculate cumulative relative displacement. In a Newmark analysis, relative 
displacement is often assumed to accumulate in only one direction, the downslope direction. With 
this assumption, the yield acceleration in the other (upslope) direction is implicitly assumed to be 
larger than the peak acceleration of the failure mass being analyzed. Analyses conducted by Yan 
et al. (1996) demonstrate that the influence of the vertical ground motion component in a Newmark 
analysis is generally relatively small for most situations encountered in practice. 

The results of the permanent seismic deformation analysis must be compared to the criterion 
established for acceptable deformations to determine if seismic performance is satisfactory. The 
criterion for satisfactory performance may depend on both the system component analyzed and the 
geometry of the failure surface. Cut slopes may be able to sustain several meters of permanent 
seismic displacement without jeopardizing the structural components of the highway system. 
Highway embankments with approach slabs may be able to accommodate substantial deformation 
perpendicular to the alignment of the approach slab but may not be able to sustain significant 
deformation parallel to the slab alignment. Establishing how much deformation a system component 
can accommodate in a seismic event is usually determined by the design engineer. 
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Figure 52. Basic elements of Newmark deformation 
analysis (MatasoviC et al., 1997). 



In using the acceleration time history from a one-dimensional site response analysis as the excitation 
in a Newmark sliding block analysis, the seismic response of a soil has been decoupled from its 
permanent seismic deformation. In other words, the influence of yielding and the accumulation of 
permanent seismic deformation has not been accounted for in the evaluation of the seismic response 
of the soil mass. Lin and Whitman (1986) have shown that this type of decoupled analysis 
overestimates seismic deformation by a minimum of 20 percent and by as much as a factor of 2 or 
3 when the predominant period of the earthquake motion is close to the resonant period of the soil 
deposit. The predominant period of the earthquake motion can be determined from the acceleration 
response spectrum as the period at which the spectral acceleration is a maximum. Thefundamental 
period of the soil deposit, To, can be evaluated using equation 4-5 as To = I&. 

While the residual shear strength is typically employed in practice to evaluate the yield acceleration, 
this common practice is another source of conservatism in permanent seismic deformation analyses. 
Deformations should not begin to accumulate until the seismic acceleration exceeds the yield 
acceleration corresponding to the peak shear strength. Furthermore, several centimeters of 
deformation may have to accumulate before the shear strength (and yield acceleration) fall from peak 
to residual values. Therefore, particularly for small calculated deformations, the use of residual 
shear strength to evaluate the yield acceleration for a Newmark deformation analysis can introduce 
considerable conservatism into the analysis. 

7.4 UNIFIED METHODOLOGY FOR SEISMIC STABILITY AND DEFORMATION 
ANALYSIS 

The seismic coefficient-factor of safety and permanent seismic deformation analysis methods for 
seismic slope stability may be combined into a single, unified method for evaluation of slopes and 
embankments. First, a seismic coefficient-factor of safety analysis is performed using a suitably 
conservative value for the seismic coefficient. Then, if the seismic coefficient-factor of safety 
analysis results in an unacceptable factor of safety, a permanent seismic deformation analysis is 
performed. 

The "unified" seismic stability and deformation analysis is carried out using the same basic model(s) 
of slopes used in the static analysis. Note, however, that the critical surface with the lowest yield 
acceleration or pseudo-static factor of safety may be very different from the surface with the lowest 
static factor of safety. The following steps are carried out to perform the unified seismic slope 
stability and deformation analysis: 

Step 1 : Reinterpret the cross-sections analyzed in the static stability analysis and assign 
appropriate dynamic residual strength parameters. In cases where it is not clear 
whether drained or undrained shear strength parameters are appropriate for the 
dynamic analysis, follow guidelines presented in Duncan (1992) or use a 
composite consolidated drained-consolidated undrained strength envelope 
proposed by the Corps of Engineers for pervious soils and the consolidated 
undrained strength envelope for silts and clays. For fully saturated or sensitive 
silts or clays, multiply the undrained peak shear strength by 0.8 for the 
analysis. 



Step 2: 

Step 3: 

Step 4: 

Select a seismic coefficient, &, for a minimum factor of safety of 1.0 based 
upon the work of Hynes and Franklin. If a permanent seismic deformation of 
1 m is acceptable, a value of k, equal to 0.5 . a,/g, where a, is peak 
horizontal acceleration at the ground surface, may be used for embankments. 
If a site response analysis has been performed to evaluate the peak average 
acceleration of the failure mass, a value of k, equal to 0.17 . a,,/g may be 
used. For natural and cut slopes, where amplification effects are expected to 
be minimal, a value of k, equal to 0.17 . a,,/g may also be used (see 
discussion in section 7.3.2). 

Perform the pseudo-static stability analysis. If the minimum factor of safety, 
FS,,,, exceeds 1 .O, the seismic stability analysis is completed. 

If the pseudo-static factor of safety is less than 1.0, perform a Newmark 
deformation analysis. This is done using the following three steps: 

1) Calculate the yield acceleration, k,,. The yield acceleration is calculated 
using a trial and error procedure in which the seismic coefficient is 
varied until FS,, = 1.0 is obtained. 

2) Calculate the permanent seismic deformation. The permanent seismic 
deformation may be calculated using either simplified design charts (e.g., 
figure 51), as described below, or by performing a formal time-history 
analysis in which the excursions of the average acceleration time history 
above the yield acceleration are double integrated. 

3) Compare the calculated permanent seismic deformation to the allowable 
maximum permanent displacement, u,. 

Several investigators have presented simplified charts based upon the results of Newmark 
deformation analyses for estimating permanent seismic deformations. The chart developed by Hynes 
and Franklin (1984) was presented in figure 51. The Hynes and Franklin chart does not consider 
either site amplification or earthquake magnitude effects. Therefore, the Hynes and Franklin charts 
may be expected to give reasonable values for natural and cut slopes and low, broad embankments 
where amplification effects are expected to be small when subject to large earthquakes. For small 
earthquakes, the Hynes and Franklin charts may yield conservative values for such cases. 

Makdisi and Seed (1978) developed the seismic deformation chart shown in figure 53 from the 
results of two-dimensional finite element analyses of embankments. This chart includes the effect 
of amplification of seismic motions by the embankment and provides upper and lower bounds on 
the permanent deformation as a function of magnitude. 

If a seismic response analysis has been performed, a formal Newmark seismic deformation analysis 
can be performed by using the acceleration or shear stress time histories from the seismic site 
response analysis. Jibson (1993) describes the analytical procedure for performing such an analysis. 
To evaluate the permanent displacement of the sliding mass, the average acceleration time history 



of mass above the critical failure plane (the failure surface with the lowest yield acceleration) should 
be used. 
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Figure 53. Permanent displacement versus normalized yield acceleration 
for embankments (after Makdisi and Seed, 1978, reprinted by 
permission of ASCE). 

ADDITIONAL CONSIDERATIONS 

Stability of the underlying foundation soil is an important consideration in evaluating the overall 
performance of the embankment, particularly if a layer (or layers) in the foundation is susceptible 
to liquefaction. The potential for a liquefaction-induced flow failure may be analyzed using limit 
equilibrium analyses by employing residual shear strengths in the potentially liquefiable zones. In 
this type of post-earthquake stability assessment, the seismic coefficient should be set equal to zero 
(Marcuson et al., 1990). If the residual shear strength is conservatively assessed using minimum 
values of SPT blow counts (or CPT tip resistance) within the potentially liquefiable layer(s). a factor 
of safety of 1.1 may be considered as acceptable. Evaluation of residual shear strength for post- 
liquefaction stability analyses is discussed in chapter 8. 



CHAPTER 8 

LIQUEFACTION AND SEISMIC SETTLEMENT 

8.1 INTRODUCTION 

During strong earthquake shaking, loose, saturated cohesionless soil deposits may experience a 
sudden loss of strength and stiffness, sometimes resulting in loss of bearing capacity, large 
permanent lateral displacements, and/or seismic settlement of the ground. This phenomenon is 
called soil liquefaction. In the absence of saturated or near-saturation conditions, strong earthquake 
shaking can induce compaction and settlement of the ground. This phenomenon is called seismic 
settlement. 

Liquefaction and/or seismic settlement beneath and in the vicinity of highway facilities can have 
severe consequences with respect to facility integrity. Localized bearing capacity failures, lateral 
spreading, and excessive settlements resulting from liquefaction may damage bridges, embankments, 
and other highway structures. Liquefaction-associated lateral spreading and flow failures and 
seismically-induced settlement can also affect the overall stability of the roadway. Similarly, 
excessive total or differential settlement can impact the integrity and/or serviceability of highway 
facilities. Therefore, a liquefaction and seismic settlement potential assessment is a key element in 
the seismic design of highways. 

This section outlines the current state-of-the-practice for evaluation of the potential for, and the 
consequences of (should it occur), soil liquefaction and seismic settlement as they apply to the 
seismic design of highways. Initial screening criteria to determine whether or not a liquefaction 
analysis is needed for a particular project are presented in section 8.2. The simplified procedure 
for liquefaction potential assessment commonly used in engineering practice is presented in 
section 8.3. Methods for performing a liquefaction impact assessment, i.e., to estimate post- 
liquefaction deformation and stability, are presented in section 8.4. The simplified procedures for 
seismic settlement of unsaturated sand evaluation commonly used in engineering practice are 
presented in section 8.5. Methods for mitigation of liquefaction and seismic settlement potential and 
of the consequences of liquefaction are discussed in section 8.6. Advanced methods for liquefaction 
potential assessments, including one- and two-dimensional fully-coupled effective stress site response 
analyses, are briefly discussed in section 8.3. 

8.2 FACTORS AFFECTING LIQUEFACTION SUSCEPTIBILITY 

The first step in any liquefaction evaluation is to assess whether the potential for liquefaction exists 
at the site. A variety of screening techniques exist to distinguish sites that are clearly safe with 
respect to liquefaction from those sites that require more detailed study (e.g., Dobry et al., 1980). 
The following five screening criteria are most commonly used to make this assessment: 



Geologic age and origin. Liquefaction potential decreases with increasing age of a 
soil deposit. Pre-Holocene age soil deposits generally do not liquefy, though 
liquefaction has occasionally been observed in Pleistocene-age deposits. Table 7 
presents the liquefaction susceptibility of soil deposits as a function of age and origin 
(Youd and Perkins, 1978). 

Fines content and plasticity index. Liquefaction potential decreases with increasing 
fines content and increasing plasticity index, PI. Data presented in figure 54 
(Ishihara et al., 1989) show grain size distribution curves of soils known to have 
liquefied in the past. This data serves as a rough guide for liquefaction potential 
assessment of cohesionless soils. Soils having greater than 15 percent (by weight) 
finer than 0.005 rnrn, a liquid limit greater than 35 percent, and an in-situ water 
content less than 0.9 times the liquid limit generally do not liquefy (Seed and Idriss, 
1982). 

Saturation. Although unsaturated soils have been reported to liquefy, at least 80 to 
85 percent saturation is generally deemed to be a necessary condition for soil 
liquefaction. In many locations, the water table is subject to seasonal oscillation. In 
general, it is prudent that the highest anticipated seasonal water table elevation be 
considered for initial screening. 

Depth below ground surjiace. While failures due to liquefaction of end-bearing piles 
resting on sand layers up to 30 m below the ground surface have been reported, 
shallow foundations are generally not affected if liquefaction occurs more than 15 m 
below the ground surface. 

Soil penetrarion resistance. According to the data presented in Seed and Idriss 
(1982), liquefaction has not been observed in soil deposits having normalized 
Standard Penetration Test (SPT) blow counts, (N, ) ,  larger than 22. Marcuson, et al. 
(1990) suggest a normalized SPT value of 30 as the threshold value above which 
liquefaction will not occur. However, Chinese experience, as quoted in Seed et al. 
(1983), suggests that in extreme conditions liquefaction is possible in soils having 
normalized SPT blow counts as high as 40. Shibata and Teparaska (1988), based on 
a large number of observations, conclude that no liquefaction is possible if 
normalized Cone Penetration Test (CPT) cone resistance, q,,, is larger than 15 MPa. 
This CPT resistance corresponds to normalized SPT blow counts between 30 and 60, 
depending on the grain size of the soil (see figure 55). 



Table 7 .  Susceptibility of sedimentary deposits to liquefaction during strong shaking (after Youd 
and Perkins, 1978, reprinted by permission of ASCE). 

Low I Very low 

Type of Deposit 

- 

River channel 

Flood plain - 

Alluvial fan and plain 

Marine terraces and plains 

Delta and fan-delta 

LOW I Very low 

Continental Deposits 

General 
Distribution of 

Cohesionless 
Sediments in 

Deposits 

Likelihood that Cohesionless Sediments, When Saturated, Would Be 
Susceptible to Liquefaction (by Age of Deposit) 

Low I Very low 

Locally variable 

Locally variable 

Widespread 

Widespread 

Widespread 

Pre-pleistocene Pleistocene <SO0 Year 

Very high 

High 

Moderate 

- 

High 

Lacustrine and playa 

Colluvium 

Very low Very low 

Very low 

High Unknown 

Holocene 

High 

Moderate 

Low 
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Talus 

Dunes 

Loess 
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Low 

High 
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High 

Low 

High 

Esturine 

Moderate 

Moderate 

Low 

Moderate 

High 

Lagoonal 1 Locally variable 

Low 

High 

Low 

Moderate 

Fore shore Locally variable 

Low 

Low 

Very low 

Very low 

Very low 

Unknown 

Very low 

Low 

Very high High 

High Moderate 

Moderate Very low 

High Moderate 

Very low 
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Very low 

Very low 

Uncompacted fill 

Compacted fill 

High 1 Moderate 1 Low 

Variable 
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Very low 

High Moderate Low 

Artificial Deposits 

Very low I 

Very high 

Low 
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- 

- 

- 
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Grain size distribution curves of potentially liquefiable soils (modified 
after Ishihara et al., 1989, reprinted with permission of A.A. 
Balkema, Old Post Rd., Brookfield, VT 05036). 
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Figure 55. Variation of qJN,, ratio with mean grain size, D,, (Seed 
and De Alba, 1986, reprinted by permission of ASCE). 

If three or more of the above criteria indicate that liquefaction is not likely, the potential for 
liquefaction may be considered to be small enough that a formal liquefaction potential analysis is 
not required. If, however, based on the above initial screening criteria, the potential for liquefaction 
of a cohesionless soil layer beneath the site cannot be dismissed, more rigorous analysis of 
liquefaction potential is needed. 

Liquefaction susceptibility maps, derived on the basis of some (or all) of the above listed criteria, 
are available for many major urban areas in seismic zones (e.g., Kavazanjian et al., 1985b for San 
Francisco; Tinsley et al., 1985 for Los Angeles; Hadj-Hamou and Elton, 1988 for Charleston, South 
Carolina; Hwang and Lee, 1992 for Memphis). These maps may be useful for preliminary 
screening analyses for highway routing studies. However, as most new highways are sited outside 
major urban areas, these types of maps are unlikely to be available for many highway sites. 
Furthermore, most of these maps do not provide sufficient detail to be useful for site-specific studies 
or detailed design analyses. 

Several attempts have been made to establish threshold criteria for values of seismic shaking that 
can induce liquefaction (e. g . , minimum earthquake magnitude, minimum peak horizontal 
acceleration, maximum distance from causative fault). Most of these criteria have eventually been 
shown to be misleading, since even low intensity bedrock ground motions from distant earthquakes 
can be amplified by local soils to intensity levels strong enough to induce liquefaction, as 
observations of liquefaction in the 1985 Mexico City and 1989 Loma Prieta earthquakes 
demonstrate. 



Most soil deposits known to have liquefied are sand deposits. However, as indicated on figure 54b, 
some deposits containing gravel particles (> 2 rnrn size) in a fine grained soil matrix may be 
susceptible to liquefaction. Discussion of the liquefaction potential of gravel deposits is beyond the 
scope of this document. The reader is referred to Ishihara (1985), Harder (1988), and Stark and 
Olson (1995) for a discussion of methods for evaluation of the liquefaction potential of gravels. 

8.3 EVALUATION OF LIQUEFACTION POTENTIAL 

Due to the difficulties in obtaining and testing undisturbed representative samples from most 
potentially liquefiable soil materials, in situ testing is the approach preferred by most engineers for 
evaluating the liquefaction potential of a soil deposit. Liquefaction potential assessment procedures 
involving both the SPT and CPT are widely used in practice (e.g., Seed and Idriss, 1982; Ishihara, 
1985; Seed and De Alba, 1986; Shibata and Teparaska, 1988; Stark and Olson, 1995). For gravelly 
soils, the Becker Penetration Test (BPT) is commonly used to evaluate liquefaction potential (Harder 
and Seed, 1986). Geophysical techniques for measuring shear wave velocity, including non- 
intrusive spectral analysis of surface waves (SASW), have emerged as potential alternatives to the 
BPT for liquefaction potential assessment in gravels (Tokimatsu, et al., 1991), but still lack an 
adequate direct correlation with liquefaction potential. 

The most common procedure used in engineering practice for the liquefaction potential assessment 
of sands and silts is the Simplified Procedure originally developed by Seed and Idriss (1982). Since 
its original development, the original Simplified Procedure as proposed by Seed and Idriss has been 
progressively revised, extended, and refined (Seed et al., 1983; Seed et al., 1985; Seed and De 
Alba, 1986; Liao and Whitman, 1986). The Simplified Procedure may be used with either SPT or 
CPT data. Recent summaries of the various revisions to the Simplified Procedure are provided by 
Marcuson et al., (1990) and Seed and Harder (1990). Based primarily on recommendations from 
these two studies, the Simplified Procedure for evaluating liquefaction potential at the site of 
highway facilities can be performed using the following steps: 

Step 1: From borings and soundings, in situ testing and laboratory index tests, develop 
a detailed understanding of the project site subsurface conditions, including 
stratigraphy, layer geometry, material properties and their variability, and the 
areal extent of potential problem zones. Establish the zones to be analyzed and 
develop idealized, representative sections amenable to analysis. The subsurface 
data used to develop the representative sections should include the location of 
the water table, either SPT blow count, N, or tip resistance of a standard CPT 
cone, q,, mean grain size, D,,, unit weight, and the percentage of fines in the 
soil (percent by weight passing the U. S. Standard No. 200 sieve). 

Step 2: Evaluate the total vertical stress, a,, and effective vertical stress, u,', for all 
potentially liquefiable layers within the deposit both at the time of exploration 
and for design. Vertical and shear stress design values should include the 
stresses resulting from facility construction. Exploration and design values for 
vertical total and effective stress may be the same or may differ due to seasonal 
fluctuations in the water table or changes in local hydrology resulting from 



project development. Also evaluate the initial static shear stress on the 
horizontal plane, r,, for design. 

Step 3: If results of a site response analysis are not available, evaluate the stress 
reduction factor, rd as described below. The stress reduction factor is a soil 
flexibility factor defined as the ratio of the peak shear stress for the soil 
column, (r,Jd, to that of a rigid body, (r,,),. There are several ways to 
obtain r,. For depths less than 12 m, the average value from figure 56 (Seed 
and Idriss, 1982) is commonly used. Alternatively, the following equation 
proposed by Iwasaki et al. (1978) can be used: 

where z is the depth below the ground surface in meters. 

If results of a site response analysis (see chapter 6 )  are available, evaluation of 
rd is not needed since the maximum earthquake-induced shear stress at depth 
z, r,,, is directly calculated in the analysis. However, it may still be 
convenient to calculate rd from the site response results for use in spreadsheet 
calculations using the following equation: 

where a, is the total shear stress at depth z, a,, is the peak ground surface 
acceleration, and g is the acceleration of gravity. The parameters a, and a, 
are also directly calculated by most site response computer programs described 
in chapter 6 .  

Use of 7, from site response analysis (or use of the results of a site response 
analysis to evaluate r,) is considered to be generally more reliable than any of 
the simplified approaches to estimate rd, and is strongly recommended for sites 
that are marginal with respect to liquefaction potential (i.e., sites where the 
factor of safety for liquefaction is close to 1.0). 

Step 4: Calculate the critical stress ratio induced by the design earthquake, CSRw as: 



If the results of a seismic site response analysis are available, CSREQ can be 
evaluated from r ,  as: 

Note that the ratio ~,,,/a,' corresponds to the peak average acceleration denoted 
by k,,,, in chapter 6 .  

Figure 56. Stress reduction factor, r,, (modified after Seed and 
Idriss, 1982, reprinted by permission of EERI). 

O 

Step 5: Evaluate the standardized SPT blow count, N, which is the standard 
penetration test blow count for a hammer with an efficiency of 60 percent 
(60 percent of the nominal SPT energy is delivered to the drill rod). The 
"standardized" equipment corresponding to an efficiency of 60 percent is 
specified in table 8. If nonstandard equipment is used, N,  is obtained from the 
equation: 

r I I 
- 
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- 

Seed and ldriss - 
- 
- 

- Seed and ldriss 
- Range for Different 

Soil Profiles 
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STRESS REDUCTION FACTOR, r 



where C, is the product of various correction factors. Correction factors 
recommended by various investigators for some common non-standard SPT 
configurations are provided in table 9 (Richardson et al., 1995). Alternatively, 
if CPT data are used, N, can be obtained from the chart relating N, to q, and 
D,, presented in figure 55 (Seed and De Alba, 1986). 

Table 8. Recommended "standardized" SPT equipment 
(after Seed et al., 1985 and Riggs, 1986, 
reprinted by permission of ASCE). 

Sampler 

Element 

Standard split-spoon sampler with: (a) Outside Diameter, 
O.D. = 5 1 mm, and (b) Inside Diameter, I.D. = 35 rnrn 
(constant - i.e., no room for liners in the barrel) 

Standard Specification 

Drill Rods A or AW-type for depths less than 15.2 m; N- or NW-type 
for greater depths 

Hammer Standard (safety) hammer with: (a) weight = 63.5 kg; 
(b) drop = 762 rnm (delivers 60% of theoretical free fall 
energy 

I Rope I Two wraps of rope around the pulley 

Borehole 100- to 130-mm diameter rotary borehole with bentonite 
mud for borehole stability (hollow stem augers where SPT 
is taken through the stem) 

Drill Bit r - - -- 

Upward deflection of drilling mud (tricone or baffled drag 
bit) 

- 

Blow Count Rate 

Penetration Resistance Count 

- 

30 to 40 blows per minute 

Measured over range of 150 to 460 mm of penetration into 
the ground 

Notes: ( ' )  If the equipment meets the above specifications. N = N ,  and only a correction for overburden 
is needed. 

'*) This specification is essentially the same to the ASTM D 1586 standard. 



Table 9. Correction factors for non-standard SPT procedure 
and equipment (Richardson et al., 1995). 

-- - 

Nonstandard Hammer Weight or Height of Fall 
(H = height of fall in rnrn; W = hammer 
weight in kg) 

Correction for 

Nonstandard Hammer Type 
(DH = doughnut hammer; ER = energy ratio) 

Correction Factor 

C ,  =0.75 for DH with rope and pully 
C,= 1.33 for DH with triplauto & ER=80 

-- - - 

Nonstandard Sampler Setup (standard samples 
with room for liners, but used without liners) 

C,, = 1.10 for loose sand 
C,, = 1.20 for dense sand 

Nonstandard Sampler Setup (standard samples 
with room for liners, and liners are used) 

Short Rod Length 

Reference 

Seed et al. 
(1985) 

C,, = 0.90 for loose sand 
C, = 0.80 for dense sand 

C, = 0.75 for rod length 0-3 m 

Nonstandard Borehole Diameter 

calculated per 
Seed et al. 
(1985) 

C,, = 1.05 for 150 mm borehole diameter 
C,, = 1.15 for 200 rnm borehole diameter 

Seed et al. 
(1985) 

Skempton (1986) 

Seed et al. 
(1983) 

Skempton (1986) 

Notes: N = Uncorrected SPT blow count. 
C, = C, .C, -C, .C,, -C,, 
N, = N - C ,  
C, = Correction factor for overburden pressure. 
(N,), = C, . N, = C, - C, N 



Step 6 :  Calculate the normalized standardized SPT blow count, (N,),. (N,), is the 
standardized blow count normalized to an effective overburden pressure of 
96 kPa in order to eliminate the influence of confining pressure. The most 
commonly used technique for normalizing blow counts is via the correction 
factor, C,, shown in figure 57 (Seed et al., 1983). However, the closed-form 
expression proposed by Liao and Whitman (1986) may also be used: 

C," = 9.79 (l/ayJ)"2 (8-5) 

where a,' equals the vertical effective stress at the sampling point in kPa. 

Dr = 60 to 80% 

Dr = 40 to 60% 

Note: N vs. Or correlation 
provided in table 4 of this 
document. 

uw 
N - VALUES BY SPT 

Figure 57. Correction factor for the effective overburden pressure, C, 
(Seed et al., 1983, reprinted by permission of ASCE). 

As shown in figure 57, the Seed et al. (1983) effective overburden correction 
factor curves are valid only for depths greater than approximately 3 m 
(approximately 50 kPa). A similar plot presented by Liao and Whitman (1986) 
suggests that C, in equation 8-5 should be limited to 2.0 at depths lower 
than 3 m. 



Regardless of the manner in which CN is estimated, the normalized standardized 
blow count is calculated as: 

Other factors, such as grain size distribution, may influence CN (Marcuson and 
Bieganousky, 1977). However, considering the uncertainties involved in the 
SPT itself, the application of equipment and overburden pressure correction 
factors should be sufficient for engineering purposes. 

Step 7: Evaluate the critical stress ratio CSR,., at which liquefaction is expected to 
occur during an earthquake of magnitude M, 7.5 as a function of (N,),. Use 
the chart developed by Seed et al. (1985), shown in figure 58, to find CSR,.,. 

dercent fines = 35 15 s;5 

Fines content &5% 
Modified Chinese code proposal (day content = 5%) 

Marginal No ...... 
Liquefadion Liquefaction Liquefaction 

Pan-American data 0 
Japanese dala . 0 0 
Chinese data A A 

Figure 58. Relationship between stress ratio causing liquefaction 
and (N,) ,  values for sands for M, 7.5 earthquakes 
(Seed et a1 . , 1985, reprinted by permission of ASCE). 



Step 8: If needed, calculate the corrected critical stress ratio resisting liquefaction, 
CSRL. CSRL is calculated as: 

CSR, = CSR,, . k, . k, . k, 

where k, is the correction factor for earthquake magnitudes other than 7.5, k, 
is the correction factor for stress levels larger than 96 kPa, and k, is the 
correction factor for the initial driving static shear stress, 7,. The value kM can 
be obtained from chart presented on figure 59, developed by interpolation of 
tabular data presented by Seed et al. (1983). Recently, Arango (1996) 
presented an alternative chart for evaluation of kM which is based on energy 
principles. For a, larger than 96 kPa, k, can be determined from figure 60 
(Harder, 1988; Hynes, 1988). The value of ka depends on both r, and the 
relative density of the soil, Dr. On sloping ground, or below structures and 
embankments, rho can be estimated using various closed-form elastic solutions 
(e.g., Poulos and Davis, 1974 see example 5 of volume 11) or using the results 
of finite element (static) analyses. Once r, and a,' are estimated, ka can be 
determined from figure 61, originally proposed by Seed (1983) and modified 
by Harder (1988) and Hynes (1988). 

Step 9: Calculate the factor of safety against initial liquefaction, FSL, as: 

FS, = CSR, / CSREo (8-8) 

There is no general agreement on the appropriate minimum factor of safety against liquefaction 
(NRC, 1985). There are cases where liquefaction-induced instability has occurred prior to complete 
liquefaction, i.e., with a factor of safety against initial liquefaction greater than 1.0. However, 
when the design ground motion is extreme or conservative, most engineers are satisfied with a factor 
of safety against initial liquefaction, FSL, greater than or equal to 1 .O. 

It should be noted that the Simplified Procedure is aimed primarily at moderately strong ground 
motions (0.2 g < a,,, < 0.5 g). If the peak horizontal acceleration is larger than 0.5 g, more 
sophisticated, truly non-linear effective stress-based analytical approaches may be advisable. 
Computer programs for evaluation of liquefaction potential as a part of a site response analysis 
include the one-dimensional response analysis computer program DESRA-2 (Lee and Finn, 1978) 
and its derivative codes MARDES (Chang et al., 1991), D-MOD (MatasoviC, 1993), and SUMDES 
(Li et al., 1992) as well as two-dimensional codes such as DYNAFLOW (Prevost, 1981), TARA-3 
(Finn et al., 1986), LINOS (Bardet, 1992), DYSAC2 (Muraleetharan et al., 1991), and certain 
adaptations of FLAC (Cundall and Board, 1988) (e.g., Roth and Inel, 1993). These computer 
programs are briefly discussed in chapter 6. 

An example of a liquefaction analysis performed using the Simplified Procedure is presented in 
volume I1 of this document. 



Figure 59. Curve for estimation of magnitude correction 
factor, k, (after Seed et al., 1983). 

0.0 - I I I 1 I I 
im 

I 
MO 300 400 500 BOQ 7w 8 

Effective overburden pressure (kPa) 

Figure 60. Curves for estimation of correction factor kg (Harder, 1988 and Hynes, 1988, 
as cited in Marcuson et al., 1990, reprinted by permission of EERI). 
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Figure 61. Curves for estimation of correction factor, k, (Harder, 

1988 and Hynes, 1988, as cited in Marcuson et al., 1990, 
reprinted by permission of EERI). 

8.4 POST-LIQUEFACTION DEFORMATION AND STABILITY 

For soil layers in which the factor of safety against initial liquefaction is unsatisfactory, a 
liquefaction impact analysis may demonstrate that the site will still perform adequately even if 
liquefaction occurs. Potential impacts of liquefaction include bearing capacity failure, loss of lateral 
support for piles, lateral spreading, and post-liquefaction settlement. These are all phenomena 
associated with large soil strains and ground deformations. Relatively dense soils which liquefy may 
subsequently harden or stabilize at small deformations and thus have minimal impact on overlying 
highway structures. Conversely, relatively loose soils that liquefy will tend to collapse resulting in 
a much greater potential for post-liquefaction deformation. Methods for assessing the impact of 
liquefaction generally are based upon evaluation of the strain or deformation potential of the 
liquefiable soil. A liquefaction impact analysis for highway-related projects may consist of the 
following steps: 



Step 1: Calculate the magnitude and distribution of liquefaction-induced settlement by 
multiplying the post-liquefaction volumetric strain, s,, by the thickness of the 
liquefiable layer, H. 

The post-liquefaction volumetric strain can be estimated from the chart 
presented in figure 62 (Tokimatsu and Seed, 1987). An alternative chart has 
recently been proposed by Ishihara (1993). Note that both charts were 
developed for clean sands and tend to overestimate settlements of sandy silts 
and silts. Application of Ishihara's chart requires translation of normalized 
SPT blow count (N,), values determined in section 8.3 to Japanese-standard Nj 
values (Nj = 0.833 (N,),; after Ishihara, 1993). The magnitude of 
liquefaction-induced settlement should be calculated at each SPT or CPT 
sounding location to evaluate the potential variability in seismic settlement 
across the project site. 

Step 2: Estimate the free-field liquefaction-induced lateral displacement, A .  The 
empirical equation proposed by Hamada et al. (1987) may be used to estimate 
A, in meters: 

where H is the thickness of the liquefied layer in meters and S is the ground 
slope in percent. 

The Hamada et al. (1987) formula in equation 8-9 is based primarily on 
Japanese data on observed liquefaction displacements of very loose sand 
deposits having a slope, S, less than 10 percent. Therefore, equation 8-9 
should be assumed to provide only a rough upper bound estimate of lateral 
displacement. Since equation 8-9 does not reflect either the density, or (N, ) ,  
value, of the liquefiable soil or the depth of the liquefiable layer, it likely 
provides a conservative estimate of lateral displacement for denser sands or for 
cases where the soil liquefies at depth. Estimates of lateral displacement 
obtained using equation 8-9 may indicate large liquefaction-induced lateral 
displacements in areas of essentially flat ground conditions. More complex 
methods for assessment of the potential for lateral spreading are available and 
can be used where necessary (Youd, 1995). 

Step 3: In areas of significant ground slope, or in situations when a deep failure surface 
may pass through the body of the facility or through underlying liquified layers, 
a flow slide can occur following liquefaction. The potential for flow sliding 
should be checked using a conventional limit equilibrium approach for slope 
stability analyses (discussed in chapter 7 of this document) together with 
residual shear strengths in zones in which liquefaction may occur. Residual 
shear strengths can be estimated from the penetration resistance values of the 



soil using the chart proposed by Seed et al. (1988) presented in figure 44. Seed 
and Harder (1990) and Marcuson et al. (1990) present further guidance for 
performing a post-liquefaction stability assessment using residual shear 
strengths. 

If liquefaction-induced vertical and/or lateral deformations are large, the integrity of the a highway 
facility may be compromised. The question the engineer must answer is "What magnitude of 
deformation is too large?" The magnitude of acceptable deformation should be established by the 
design engineer on a case-by-case basis. Calculated seismic deformations on the order of 0.15 to 
0.30 m are generally deemed to be acceptable in current practice for highway embankments in 
California. For highway system components other than embankments, engineering judgement must 
be used in determining the allowable level of calculated seismic deformation. For example, 
components that are designed to be unyielding, such as bridge abutments restrained by batter piles, 
may have more restrictive deformation requirements than structures which can more easily 
accommodate foundation deformations. At the current time, determination of allbwable 
deformations remains a subject requiring considerable engineering judgement. 

0.6 r I I I I 

Volumetric strain (%) 

Figure 62. Curves for estimation of post-liquefaction volumetric strain using SPT 
data and cyclic stress ratio for M, 7.5 earthquakes (Tokimatsu 
and Seed, 1987, reprinted by permission of ASCE). 



8.5 SEISMIC SETTLEMENT EVALUATION 

Both unsaturated and saturated sands tend to settle and densify when subjected to earthquake 
shaking. If the sand is saturated and there is no possibility for drainage, so that constant volume 
conditions are maintained, the primary initial effect of the shaking is the generation of excess pore 
water pressures. Settlement then occurs as the excess pore pressures dissipate. In unsaturated 
sands, on the other hand, settlement may occur during the earthquake shaking under conditions of 
constant effective vertical stress (depending on the degree of saturation). In both cases (saturated 
and unsaturated soil), however, one result of strong ground shaking is settlement of the soil. 

Liquefaction-induced settlement of saturated sand is addressed as part of a post-liquefaction 
deformation and stability assessment as described in section 8.4 of this chapter. A procedure for 
evaluating the seismic settlement of unsaturated sand, following the general procedure presented in 
Tokimatsu and Seed (1987), is outlined below. 

Seismic settlement analysis of unsaturated sand can be performed using the following steps: 

Step 1: 

Step 2: 

Step 3: 

Step 4: 

From borings and soundings, in situ testing and laboratory index tests, develop 
a detailed understanding of the project site subsurface conditions, 
including stratigraphy, layer geometry, material properties and their variability, 
and the areal extent of potential problem zones. Establish the zones to be 
analyzed and develop idealized, representative sections amenable to analysis. 
The subsurface data used to develop the representative sections should include 
normalized standardized SPT blow counts, (N,), (or results of some other test, 
e.g., the CPT from which (N,), can be inferred) and the unit weight of the 
soil. 

Evaluate the total vertical stress, a,, and the mean normal total stress, 
a,,, = 0.65 u,, at several layers within the deposit at the time of exploration and 
for design. The design values should include stresses resulting from highway 
facility construction. Outside of the highway facility footprint, the exploration 
and design values are generally the same. 

Evaluate the stress reduction factor, rd, using one of the approaches presented 
in step 3 of section 8.3 of this chapter. 

Evaluate yg (Gg lG,,) using the Tokimatsu and Seed (1987) equation: 

where yg (GdG,,) is a hypothetical egective shear stress factor, a,, is the 
peak ground surface acceleration, g is the acceleration of gravity, and G,, is 
the shear modulus of the soil at small strain. Note that G,, = p . VS2, where 
V, is the shear wave velocity and p is the mass density of the soil. 



Alternatively, G,, (in kPa) can be evaluated from the correlation given below 
(Seed and Idriss, 1970): 

where (N, ) ,  is the normalized standardized SPT blow count defined before and 
a, is mean normal total stress in kPa. For unsaturated sands, a, can be 
estimated using equation 5-7. However, for most practical purposes, the 
approximation a, = 0.65 a, will suffice. 

Step 5 : Evaluate ya as a function of y~ (GdG,,,) and a, using the chart reproduced 
in figure 63. 

Figure 63. Plot for determination of earthquake-induced shear strain in sand deposits 
(Tokimatsu and Seed, 1987, reprinted by permission of ASCE). 

Step 6:  Assuming that yeff = y,, where y, is the cyclic shear strain, evaluate the 
volumetric strain due to compaction, E,,  for an earthquake of magnitude 7.5 
(15 cycles) using the chart reproduced in figure 64. 



Step 7: Correct for earthquake (moment) magnitude other than M, 7.5 using the 
correction factors reproduced in table 10. 

Step 8: Multiply the volumetric strain due to compaction for each layer by two to 
correct for the multidirectional shaking effect, as recommended by Tokimatsu 
and Seed (1987), to get the representative volumetric strain for each layer. 

Step 9: Calculate seismic settlements of each layer by multiplying the layer thickness 
by the representative volumetric strain evaluated in step 8. Sum up the layer 
settlements to obtain the total seismic settlement for the analyzed profile. 

Cyclic shear strain, y, (%) 

1 o - ~  1 o - ~  lo-' 1 

Figure 64. Relationship between volumetric strain, cyclic shear strain, 
and penetration resistance for unsaturated sands (Tokimatsu 
and Seed. 1987, reprinted by permission of ASCE). 

Considerable judgement is required when evaluating the performance of a highway facility based 
on an estimate of seismic settlement. The magnitude of calculated seismic settlement should be 
considered primarily as an indication of whether settlements are relatively small (several centimeters) 



or relatively large (several meters). A more precise evaluation of seismic settlement is not within 
the capabilities of conventional engineering analyses using the simplified methods presented herein. 

Table 10. Influence of earthquake magnitude on volumetric strain ratio for dry sands 
(after Tokimatsu and Seed, 1987, reprinted by permission of ASCE). 

8.6 LIQUEFACTION MITIGATION 

Earthquake Magnitude 

If the seismic impact analyses presented in sections 8.4 and 8.5 yield unacceptable deformations, 
consideration may be given to performing a more sophisticated liquefaction potential assessment and 
to evaluation of liquefaction potential mitigation measures. Generally, the engineer has the 
following options: (1) proceed with a more advanced analysis technique; (2) design the facility to 
resist the anticipated deformations; (3) remediate the site to reduce the anticipated deformations to 
acceptable levels; or (4) choose an alternative site. If a more advanced analysis still indicates 
unacceptable impacts from liquefaction, the engineer must still consider options (2) through (4). 
These options may require additional subsurface investigation, advanced laboratory testing, more 
sophisticated numerical modeling, and, in rare cases, physical modeling. Discussion of these 
techniques is beyond the scope of this document. 

Options that may be considered when desiging to resist anticipated deformation include the use of 
ductile pile foundations, reinforced earth, structural walls, or buttress fills keyed into non-liquefiable 
strata to resist the effects of lateral spreading. These techniques are described in detail elsewhere 
(e.g., Kramer and Holtz, 1991). 

Number of Representative 
Cycles at 0.65 T,, 

A variety of techniques exist to remediate potentially liquefiable soils and mitigate the liquefaction 
hazard. Table 11 presents a summary of methods for improvement of liquefiable soil foundation 
conditions (NRC, 1985). The cost of foundation improvement can vary over an order of magnitude, 
depending on site conditions (e.g., adjacent sensitive structures) and the nature and geometry of the 
liquefiable soils. Remediation costs can vary from as low as several thousand dollars per acre for 
dynamic compaction of shallow layers of clean sands in open areas to upwards of $100,000 per acre 
for deep layers of silty soils adjacent to sensitive structures. Liquefaction remediation measures 
must be evaluated on a case-by-case basis to determine their economic viability. 

Volumetric Strain Ratio 
&c,N/&c,N' 15 



Table 11: Improvement techniques for liquefiable soil foundation conditions (after NRC, 1985) 

Applications" 
I I I I I 

rosauDrrpCoolpsetDn 
(I) Blasting 

(2) Vibratory Prdx 
(a) Ternwok 

dcplh) > 30 m 
sanetimcs 
Mitchell (1981) 
V i h r o - W i 4  m 
Brans and Hamum 

(b) ~ i b & ~ o d s  
(c) VibmWmg 

Shock waves and vibntions caw 
I i tn i i  liqucfach, dkphcannh 
ranokiii and Ical- to higher 

Densifcation by vibration; 
l + z f a c t i m i i c d  scakmcnc and 
&demo* in d q  mil under 
ovcrburdcn w pmbcc a higher 
dasi. 

(c) Soil 
Vibratory Sobiliziy 

(3) Vibro-Crmprtim 
(a) Vihrona 
(b) VihwCanpaer 

Lmaed, clean 
d; p d y  
saainted wnds 

flooding. 

Slbmlcd or dry 
clcan rand; sand. 

I get variable density; time- 
kpndcra strenglh gain 

20m rm(aely 
(inctTstive atme 3 4  m 

kmiFi t ion  by vibration and 
canpcCim of bacLfill material of 
sand or gravel. 

- 
W 
c. 

> I ,000 m' Can olnaim relative 
h i t i e s  of 80% or more. 
lneffcctivc m m e  sands. T 

>40 m 
Sdymar (1984) 

Cohesionleu 
soils with less 
ttnn 20% fncs. 

> 1.000 m' Can obtain high relative lndvce l i f a &  in conbolled and limied m ~ e s  and 
dcnsitics (over W%), good increase rclative densities w nmliquefublc condition. Is wed 
uniformity exrensivcly to prevo* liquefaction. Thc dense cohmn of 

hackliil provides (a) vertical s u p p ~ ~  (b) d n i i  to relieve 
pore water prcswe and (c) shur rcsururc in br izonul  and 
inclined dircctiom. Ilwd to mbilii slopes and sucwtlm 

Any Sue Can o h i n  relative 
. . 

Induce liquefaction in cmtrdled and limiud stages and 
increase relative density to p W a l l y  norrliquefuMe nngc. 
Has been shown ineffective in preventing liqucfaction. 

(1984) 

> 30 m 
Sdymar a rl. (1984) 

(4) Canpacrion Soils 
I I pmcmid failure swfxes a slip circle.. 

> 1,000 rn' (Can obcam hi@ demiticr, 1 Useful in soils with fmu. Incrrrm rcluive daa*cs 0 1ms.z sandy 
soils; partly 
sanualcd clayey 
soils; Ions 

Dcmiiution by dirpl.cnnn* of 
pile volume and hy vibrath 
dwhg drivii. increpy in lacml 
cffcclivc eUm prcram. I U ~ N t a s a b i l i i t l o p e s a n d s m n g t h m ~ f n i h o e  

surfaces or slip circles. 

Induce liquefaction in controlled and h i e d  stages and 

2 
3 

>20 m 
Nahraja and Cook 
(1983) 

SP, SW. a SM soils which have average relative density eqml to a greater than K5 pent and thc minimum relative density not leu than 80 pcrcn* are in general nu suscepriMe to liqwfactjen 5-8\81). D'Appdmia (1970) sblcd that f a  soil 
within h e  z m  of in- and conFsrmaa of he structure f d h .  he relative denqity s h l d  mr be less hm 70 pcrccnc. Therefore, a criterion may be used that relative density krcare in10 the 70-90 percent r w e  ic in gcnenl wnsidnrd w 
prevent liqucfach. Thew pmpcrticr of lrcaud materials and applicatii occur only under ideal c d i  of soil, moismrc, and memod adication. The methods a d  pmpenics achieved arc m* applrrMc and will mi occur in d l  sob. 

dcnsilii of 7040%: mav increase relative dcmitv to oo(cntiallv norrliarfuMe mgc. 

Modcatt 
(S6.WS13.00 m') 

" 
Adicuiom and results of Ihe h n p r o v c ~  mdmds are depndcnc m: (a) soil pmt-dm. lypcs, a d  c a n d i i i ,  (h) dte cdiciom. (c) c a ~ h  lmdii .  (d) smrure typc and condition, and (c) mamid and e c p w  availability. Codhatimu of 
Ihe m e w  d l  mod likely provide he best and mau stable solution. 

2 

Site condician have hca, classified inw three uses; Clu 1 is f a  beneath suucurcs. Case 2 is for Ihe not-dm-water free field adjacent to a structure, and Cax 3 is for the under-water free field adjacent w r smrolrc. 

Lav 
3 

'* 
The corU (in 1985 dollars) wal vary depding on: (a) rite workmg canditioru. loution, and cnvimmrmt. (h) the location, area. depth. and volume of soil involved. (c) soil type and ~npcrties. (d) materials (sand, jpvcl, admixtures. nc.) apipncn(, 
and skills available. and (e) cnvimrmmul inpact factors. The cosu arc average values brwd on: (a) verbal camnunication from companies prwidmg Ihe service, (b) currcnt literature. and (c) literaere r e p o d  cosu updated for inflatjen. 

(SZ.WS4.00 m3) 

' A means the mnhod b s  -1 w for Case 3 with spccial techniques required which wnuld brrrace the cost 



Table 11: Improvement techniques for liquefiable soil foundation conditions (after NRC, 1985) - continued 

Metbod 

Ia-Situ Deep Cmnpxtioo 

I 1- high m.~ I I I I ~ o i i  ' mass as a w i ~ o ~ c  is 

Ricplc 

(5) HQv Tunping 
(dyn~nic cmqpch) 

(6) DisplremaXl 
Cmpactim Grml 

Ig~efaccion. I I 
Increase in soil rclative demitv and horiionhl cffmivc smss. I I l ~ o w  to M o d m u  
Rcduce liifacticm potential.. Stabilize the grourd against I : I ( s 3 . m ~ l 5 . m  .? 
movement. I 

Soil GnwMkd 
Trps 

Repcatad whb of 
incmily inpacts at nnhcc. 

Hi@y &an grax r c ~  rr rsdiul 
h jdnd ic  jack whm pnnpcd in 

Maximum Effective 
Treatment Depth 

C~hesiionlcss 
soils best, aher 
types can also be 
bnproved. 

All soils. 

- r~ ~ - - ~ - ~ -  

Said, sill. clay. 

(7) SurchaWBurncIr 

(8) Drains 
(a) Gravel 
(b) Sud 
(c) Wick 
(d) Wclls (for 

pemurrn 
demuriug) 

Gravel and Sand 
> 3 0 m  
Depth l i m i i  by 
Vibnlory c q u w  
Wick 
>45 m 
Morrisnn (1982) 

EcOOOmiePl Size 
of Treated Area 

30 m ((posibly deeper) 
M h r d  and Broise 
(1975) 

Unlimited 

Rdkf  d cxecu pore-wdkr 
pmsurc m prcva* liquefaction. 
(Wid draim hwc canpanbk 
pameability to sand dnim). 
R m a d y  g.nl dnm; d w i c k  
d n h a m y ~ g a v c l d n h  
IW alii  c x i a i g  ex- pac 
-7 - 
dnntcrmwim-. 

> 1.500 m' I~ore-water Dresswe relief 

Pa t -Wate r  Prcaore Relief 

Ihc weight of a srrrhrgcmmcn 
'mcreues dr liqufactiol mkturc 
hy increasing hc effccrive 
c d m i n g  prc+cura m che 
famdaIim. 

Ideal Roperties d 
Treated Material. 

> 3.300 m1 

Small 

SP, SW. a SM 4 s  vhich In= a w n @  rcbrivc density qd to a grcalcr than 85 percent and thc m i n i m  relative density nol less than 80 percent arc in gcmal  nor swcqtible to liqucfactkm (TM 5-8181). D'Apjdcmia (19'70) ltaocd that for soil 
within thc zar of '* nd cadrrmar of dr sauclure famdatm. UK dative demity should nor be less than 70 percent. Therefore, a critcrim may be used that relative d e m i  increase into dr 70-90 pcrcau range is m gcncnl caxidcnd to 
p e v m  liqucf~doo. Thac lmpcrria of t r e a d  mkrials  and d i c a h  a c u r  only under idcal caditiom of soil, moisture, and ~CIJKKI application. The m*hodc and pmpenies achieved are na a p p l i u k  and will not o u u r  in d l  soils. 

Gnut bulbs wilhm 
c a n ~ ~ e s s c d  soil matrix. 

Can k placed 
on any soil 
surface. 

" 
A p p l i c a m  and d t s  of UK inpmvemaa mnbodr at dcpcnda* on: (a) soil profiles, typcs. and c a d ~ l i a n ,  (b) siu candiiionr. (c) ea-kc loadmg, (d) structure type and condition, and (e) malcrial and avdabdity. C e 6 o m  of 
IhcmemaQvrillmostSipmvidc$tcbcamdmost~erolum. 

Appkatan." 

Can o h i n  high rclative 
densities. reasonable 
uniformity. Relative 
densities of 80% or more 

Sand and Gravel 
0.3 m dhmcbr 
($II.5CL$21.50 m3 
Wick 
(52.00-54.00 m3) 
DcwUcring my 

F'rcvcnt liqxfaction by gravel draii. Sand and gravel draha 
are hrchllcd vertically; however. wick d r a i i  fu, k imbilled 
at m y  angle. Dewatering will prrvent liqucfactica hn not 
wiunily-irduccd uctkmctur. 

' 
Site conditiaD h v c  brm classified i*o ltrrc oos: Cru I is f a  hanth sbucturcs, CIse 2 is f a  dr nor-under-water free fr ld adjaccnt to a structure, and CIsc 3 is for he wdcr-warn f a  fr ld adjacent to a shucavc 

--- 

Grave 
1 and 
S a d  

2 
A: 

Wick 

" Thc case (m 1% dollus) will vary dcpcodi on: (a) siw wc&Lmg c m d i .  lncarim, ud cnviranncnt. (h) thc localion, area, depth, and volumc of soil mvdved, (c) soil type and properties, (d) materials (sand, gravel. admimun, &.) cquipnmc, 
and skills avaihbk. and (e) envimmmal impact factors. Thc costs are average values baud on: (a) verbal communication f r o  canpanics providing Ihe service, (b) current literature, and (c) literature r c p o r d  costs updated fa i n f l a h .  

-+ 

Suihble for some soils with f w s ;  usable a h  and below 
water. In cdvsianless soils, induces liquefzcdon in 
c o d l e d  and limited srages and incrcaws rclative density to 
potentially rmliquefiable range. Is used to prevent 

RelP,i.c Cost.+i 

> 1.000 m' 

2 
3 

Lmr 
(SO.wS6.M) m 3  

lncrcase strength and 
reduce compressibility. 

Increase the effective conlining prcssure m a liquefrible layer. 
Can he uud in conjunction with vertical and horizontal drains 
ro relieve pore water pressure. Reduce liplefaction potcn~ial. 
Useful to prrvcnt movements of a structure and f a  slope 
srabdily. 

2 
3 

Madcrate if venical 
dram 4. 





Table 11 : Improvement techniques for liquefiable soil foundation conditions (after NRC, 1985) - continued 

Method 

obsidian-like viwcous material. 

(14) Mix-in-Place Piles and 
Walls 

Principle 

I I 
Thermal Stabiljzabion 

Verbal from Banelle walls of high suengm. 
Laboratories Impervious; more durable 

than granilc or marble; 
canpressivc strength, 
9- 1 1 ksi; splitting tensile 

Lime, cement, or asphalt 
introduced through m t m g  augcr 
or special in-place mixer. 

Admixture Stabilizption 

High ($250.00- 
5650.00 ml) 

$ a ~ ~ ~ ~ d  
Trpes 

Sands. silts, 
clays, all soh or 
lcose inorganic 
soils. 

>20 m 
(60 m ohrained in Japan) 
Miuhell (1981) 

I I I I I strength. 112 I I I 
Soil Reinforerment 

Maximum Effective 
Treatment Depth 

Small 

of the area. I 1 
Slopc suhilizatim by providii shear r e s h n c e  in horizontal 
and inclined directions which s m n g h  potential failure 
surfaces or slip circles. A wall could be used to confme an 
area of IiquefmMe soil so that liquefied soil could not flow out 
of thc area. 

11 7) R m  Piles. .Foil 
Nailing 

Solidified soil piles or 
walls of relatively hidl 
strength. 

C-r 
W 

1 Hole jeaed into fw-grained soil 
and haclddled with denxly 
compacted gravel or saml hole 
formed in cohcsimkss soils hy 
vibro techniques and compaction of 
hackfilled gravel or sand. For 
grmted col~mm, voids fdled with 
a mmt. 

Economical S i  
of Treated Area 

I 
2 
3 

(16) Vibrdkplacement 
Stone and Sand 
Columns 
(a) Grouted 
(b) Noc Grouted 

Smalldiamcbr incluicms used to 
carry tcnsion, rhear. compression. 

Ideal Roperties of 
Treated MateriaT Applirmtanc" 

Slapc slabilition by providing shear resistance m horizontal 
and inclined directions which suengthc potential failure 
surfaces or slip c~rcles. A wall could be used to confm an 
area of liaucfiable soil so that l iuuef i  soil could nd flow out 

Moderate 
(553.00-570.00 m') 

Sands. silts, > 30 m 
clays. Limited by vibratory 

equipment. 

All soils. C' 

1 
2 
3 

Case' Rebtive Costs** 

> I .MO m1 
Fie-grained soils 

> 1,000 m2 

Moderate 
($1 1 .00-$70.00 m') 

Modetare m High Unknown 

SP. SW. or SM soils which have average relative density equal to or greater than 85 percent and the minimum relative density nol less than 80 percent are m general m arsccptii to liqucfactim (Thl 5-818-1). D'Appolonia (1970) slated that for soil 
within the zone of influence and c a n f ~ n t  of the strucmrc f d a t i o n ,  the relative density should not hc less than 70 percent. Therefore, a criterian may be used that relative density increase inzo chc W90 percent range is in general comidcrcd to 
prevent liquefactirm. These propenin of Weald materials and applications occur only under ideal conditions of soil. moismre, and mcmod application. 7hc methods and propcnk achieved are m PppliuMc and will noc occur m all soils. 

Increased vertical and 
horizontal load carrying 
capacity. Density increase 
in cohesionless soils. 
Shortcr drainage paths. 

" 

Applications and results of the improvement methods are dependent on: (a) soil profiles, types, and conditions, (b) site ccnditiom, (c) anhquake leading, (d) ~num ud cadi* and (c) m a t ~ r Y  and cplipnent availability. Canbinations of 
Ihe methods will most likely provide thc best and most stablc sdutim. 

Provides; (a) wnjul sum,(b)dmins to relieve G e  water 
preuure. and (c) shear rrsiaure in horLonlal and inclined 
d iuec th .  Used to s t a b i l i  s lops nnd smngthm poccrrial 
failure surfaces or slip circles. For &!KNLA d u n m .  no 
d r i g e  prwided bu! increased shear mktance. In 
edrsionleu roil. dasily incrcav redufes l i f a c t m  
poacnthl . 

Reinforced zone of soil 
behaves as a c d m e n  
mass. 

* 
Site conditions have been classifd inco three cases; Case I is f a  beneath s m m ~ ,  Caw 2 is for chc noc-dm-waur frcc field adjacent to a sauccurr. and Cas 3 is for the under-macr hte frld djacaU to a nruclure. 

Slope slahilky by pmvidii shur ruislancc m horizonla1 and 
inclined directions to slrcngUu~ pacntlal faihm surfaces or 
slip circles. Bah vcnical and angled placcmenc of thc piles 

" The cosrs (m 1985 dollars) will vary depending on: (a) site working conditionr, location, and environmenb (b) che location. area, depth, and volume of soil involved, (c) soil typc a d  pmprrties. (d) materlls (d. gravel. admixlures, ec . )  equipinn*. 
and skills avrilable. and (e) environmental impact factors. Tbe cosu are average valua b a d  on: (a) verbal communication From companies providing the service, (b) current lirerahue. and (c) IiunIurc reporrcd case updared for idadon. 

' A means Ihe method has potential use for Case 3 with special t c c h n i i s  required which would increase the cost. 



CHAPTER 9 

SEISMIC DESIGN OF FOUNDATIONS AND RETAINING WALLS 

9.1 INTRODUCTION 

This chapter addresses geotechnical aspects of seismic design of foundations, retaining walls, and 
other structural components of highway systems. In addressing these issues, it is assumed that the 
ground motions at the site have been determined by the project geologist andlor geotechnical 
engineer and that the earthquake-induced forces from the superstructure have been provided by the 
structural engineer. Guidelines are available for the seismic design of highway bridges which cover 
some of the issues related to seismic design of foundations and retaining walls. Of particular note 
are the AASHTO standard specifications for highway bridges (AASHTO, 1994), the seismic design 
course notes prepared by ABAM Engineering (ABAM, 1994), FHWA guidelines for seismic design 
of highway bridge foundations (Lam and Martin, 1986), design and construction of wooden piles 
(Hannigan et al., 1996), and laterally-loaded piles (Reese, 1984). Much of the information 
contained in these guidelines will not be covered in detail herein, but will be incorporated by 
reference. 

The discussions herein are intended to cover routine situations encountered in highway engineering. 
Specialty topics such as seismic retrofit of long span bridges require special considerations and are 
beyond the scope of this document. 

9.2 SEISMIC RESPONSE OF FOUNDATION SYSTEMS 

In a manner similar to evaluation of the stability of a slope subject to earthquake ground motions 
(chapter 7),  earthquake effects on foundations can be modeled using either a pseudo-static approach, 
wherein the earthquake-induced loads are represented by static forces and/or moments to the 
foundation, or a dynamic approach, wherein the time history of transient cyclic earthquake forces 
is applied to the structure-foundation system. 

In a pseudo-static analysis, the effects of the dynamic earthquake-induced loads on the foundation 
are represented using static forces and moments. The bearing capacity and lateral resistance of a 
foundation element is evaluated using static formulations and compared to the pseudo-static loads. 
However, the static shear strength may be either decreased or increased, depending on soil type and 
groundwater conditions, to account for dynamic loading conditions. Typically, the pseudo-static 
forces and moments are calculated by applying a horizontal force equal to the weight of the structure 
times a seismic coefficient through the center of gravity of the structure. The seismic coefficient 
is generally a fraction of the peak ground acceleration of the design earthquake and may also be 
dependent on the response characteristics of the structure, the behavior of the foundation soil, and 
the ability of the structure to accommodate permanent seismic displacement. Alternatively, peak 



seismic loads may be available from a dynamic response analysis of the structure. These peak loads 
are generally reduced by a peak load reduction factor for use in the pseudo-static analysis. Like the 
seismic coefficient, the peak load reduction factor may also depend upon the behavior of the 
foundation soil and the ability of the structure to accommodate permanent seismic displacement. 

Earthquake induced loading on the foundation for a highway structure is typically dominated by the 
inertia forces from the superstructure. The earthquake-induced forces on the superstructure are 
predominantly horizontal. However, these horizontal forces are transmitted to the foundation in the 
form of horizontal and vertical forces and rocking and torsional moments. To represent the 
combined effect of the forces and moments induced by an earthquake, a resultant pseudo-static load 
may be applied to the foundation. The resultant load may have to be inclined and applied 
eccentrically, as shown in figure 65, to account for vertical loads and moment loading. Solutions 
for the bearing capacity of eccentrically loading footings may then be used to evaluate foundation 
performance. Alternatively, vertical bearing capacity and horizontal sliding resistance of the 
foundation can be considered independently. Note, however, that the influence of the applied 
moments on the vertical and horizontal loads must be considered in such analyses. Oftentimes (e.g., 
in the evaluation of shallow foundations), for "unimportant" structures, only the gross stability of 
the foundation is evaluated in the pseudo-static approach. Neither an assessment of the dynamic 
response of the foundation nor an evaluation of the interaction between the foundation and the 
superstructure is made. In other cases, (e.g., evaluation of the response of a laterally loaded pile), 
the stiffness or deformation of the foundation subject to the pseudo-static load is calculated in 
addition to a bearing capacity evaluation. 

Figure 65. Principle of superposition of loads on footing. 

In a dynamic response analysis, the dynamic stiffness of the foundation is incorporated into an 
analytical model of the highway structure to evaluate the overall seismic response of the system. 
The foundation for a highway structure subject to dynamic excitation has six degrees of freedom 
(modes of motion): horizontal sliding in two orthogonal direction; vertical motions; rocking about 
two orthogonal horizontal axis; and torsion (rotation) about the vertical axis. Therefore, in the 
dynamic analysis of a highway structure, the response of the foundation to these modes of excitation 
is described by a 6 x 6 stiffness matrix with 36 stiffness coefficients, Kij. The six modes of motion 
(degrees of freedom) of a shallow foundation and the corresponding stiffness matrix are shown in 
figure 66. Each term Kij of the stiffness matrix describes the deformation response of the foundation 



in coordinate direction i to a unit load in coordinate direction j (e.g., if mode i is horizontal motion 
in the y direction and mode j is rocking about the y axis, then Kii is the horizontal translation under 
a unit horizontal force and Kji is the rocking rotation in response to a unit horizontal force). A 
similar 6 x 6 matrix can be developed for the damping of the foundation, as discussed in 
section 9.4.3.3. Internal damping of the soil is commonly incorporated in the site response model 
used to calculate design ground motions, as described in chapters 5 and 6 ,  and not in the foundation 
model itself. The geotechnical engineer provides the values of the foundation stiffness and damping 
coefficients to the structural engineer for use in the dynamic response analysis of the structure. 
Even when a dynamic response analysis is performed, the gross stability of the foundation should 
still be evaluated using a pseudo-static bearing capacity analysis. However, in this case, the applied 
loads on the foundation elements may be taken directly from the results of the dynamic response 
analysis by factoring the peak loads, as discussed in section 9.4.2.2. 

Figure 66. Degrees of freedom of a footing and 
corresponding stiffness matrix. 



9.3 SEISMIC PERFORMANCE O F  RETAINING WALLS 

The seismic performance of retaining walls is an important component of earthquake engineering 
for highway systems. Retaining walls are used extensively for bridge abutments, depressed 
segments of highway alignments, and elevated highways. Retaining walls are generally designed 
to resist sliding, overturning, and structural failure due to lateral pressures. Most retaining 
structures are designed to resist seismic loads using pseudo-static analyses. However, stiffness-based 
methods of analysis are also available for retaining wall design. Furthermore, for sliding of gravity 
walls, a deformation based design methodology is often used in practice. 

9.4 DESIGN O F  SHALLOW FOUNDATIONS 

9.4.1 General 

Shallow foundations are commonly used as foundations for bridge piers and abutment walls. 
Shallow foundations are suitable at rock sites or when firm soils are found at shallow depth provided 
the potential for landslide induced displacements is fairly low and the risk of liquefaction is very low 
or non-existent. In areas where deposits of compressible, expansive, or collapsible soils are found 
near the ground surface, shallow foundations may not be suitable. Where soil conditions are not 
suitable for the use of shallow foundations, deep foundations are used. 

The seismic performance of shallow foundations may be evaluated using either pseudo-static limit 
equilibrium analysis or dynamic response analysis. The critical element in a pseudo-static analysis 
of a shallow foundation is the evaluation of the pseudo-static loads (forces and moments) for use in 
the analysis. The primary task of the geotechnical engineer in a dynamic response analysis of a 
structural system that employs shallow foundations is the evaluation of the coefficients of the 
stiffness matrix. If a dynamic response analysis of the structure is performed, the, gross stability 
of the shallow foundation should still be evaluated using pseudo-static limit equilibrium analysis. 

In addition to evaluating the gross stability of the shallow foundation under dynamic loads, the risk 
of excessive seismic settlement and soil liquefaction should also be evaluated for foundations 
founded upon saturated cohesionless soils. Evaluation of liquefaction and settlement potential is 
described in chapter 8 of this document, 

9.4.2 Pseudo-Static Analyses 

9.4.2.1 General 

Two alternative methods are commonly used in geotechnical practice to evaluate the ultimate bearing 
capacity of shallow foundations for highway structures: 

the general bearing capacity equation using bearing capacity factors derived from soil 
shear strength parameters (c, @) recommended by AASHTO (1994); and 



the bearing capacity equation based on Standard Penetration Test blow counts 
recommended in NCHRP Report 343 (Barker et al., 1991). 

In theory, the two methods cited above should give similar results if the strength parameters used 
to represent the foundation soil are consistent with the SPT blow count. Some engineers prefer to 
use the blow count method for dynamic bearing capacity analysis because the SPT is a dynamic test 
and thus its use may take into account any tendency for the soil to lose strength when subjected to 
dynamic loading. However, the general bearing capacity equation method provides more flexibility 
in accounting for inclined and eccentric loading. Bearing capacity can also be evaluated using CPT 
results. However, the CPT resistance is typically either converted to an equivalent SPT blow count 
for use in the NCHRP Report 343 blow count-based method or used to estimate the soil shear 
strength parameters for use in the general bearing capacity equation. 

Shallow foundations should also be designed to resist sliding under seismic loading. Sliding 
resistance is typically assessed using the interface friction and adhesion between the bottom of the 
foundation and the foundation soil to resist the applied seismic loads. Friction and adhesion on the 
sides of the foundation may also be included in evaluating the resistance of a foundation to sliding. 
Some engineers include the passive seismic soil resistance on the front of the footing when 
calculating sliding resistance. However, when passive resistance is employed in evaluating sliding 
resistance, the calculated passive seismic earth pressure is often divided by two to compensate for 
the relatively large lateral deformations required to mobilize the passive resistance of the soil. 
Furthermore, if the passive seismic resistance on the front of the footing is included in the analysis, 
the active seismic pressure on the back of the footing should also be considered. Evaluation of 
passive and active seismic earth pressures is discussed subsequently in section 9.6. 

9.4.2.2 Load Evaluation for Pseudo-Static Bearing Capacity Analysis 

The foundation loads for use in a pseudo-static bearing capacity analysis for a shallow foundation 
may be evaluated either by applying a pseudo-static load to the structure or from the results of a 
dynamic response analysis. In determining foundation loads by applying a pseudo-static force to 
the structure, both the horizontal and vertical inertial forces from the superstructure may be 
considered. These inertia forces are modelled by applying through the center of gravity of the 
superstructure, a load equal to the weight of the structure multiplied by a seismic coefficient. If 
applied centrically, the vertical load will generate only vertical forces on the foundation. However, 
if the vertical force is eccentrically applied to the foundation, it will generate a moment loading. 
The horizontal load typically generates both vertical forces and moments on the foundation. The 
peak vertical and horizontal dynamic loads are often considered separately, as it is highly unlikely 
that the peak vertical and horizontal forces will act simultaneously on the superstructure. In each 
case, the resultant forces and moments on the foundation elements are used in the pseudo-static 
bearing capacity analysis. Foundation performance should be evaluated for both compressive and 
tensile vertical seismic loads. Furthermore, the vertical and horizontal dead loads of the 
superstructure and foundation should be added to the seismic loads when analyzing the foundation 
system in either case. 



There is no general agreement on establishing the seismic coefficient used in evaluation of the 
pseudo-static load for the seismic analysis of foundations. Based upon experience with the seismic 
stability of slopes (chapter 7). the seismic coefficient for foundation design should be a fraction of 
the peak ground acceleration (PGA) expressed as a fraction of gravity. For many cases, the 
effective peak acceleration from AASHTO maps may be appropriate for use as the seismic 
coefficient in pseudo-static analysis, as this value is typically already reduced from the expected 
maximum peak ground acceleration. Alternatively, based upon experience with seismic deformation 
analyses of slopes and embankments, including back analyses of the performance of slopes and 
embankments in earthquakes, a value equal to one-half the PGA (expressed as a fraction of gravity) 
would appear to be reasonable. However, for structures that cannot tolerate foundation deformations 
of up to several centimeters and for structures founded on soils subject to progressive failure and/or 
a post-peak strength decrease, a value equal to the PGA (expressed as a fraction of gravity) may be 
appropriate. Furthermore, the potential for amplification of the PGA by the structure itself should 
be considered. For slender, flexible structures, it may be prudent to multiply the above values by 
an amplification factor provided by the structural engineer. 

If the loads used in the pseudo-static foundation analysis are determined from the results of a 
dynamic response analysis of the structure, then the potential for amplification of the ground motion 
by the structure is included in the peak loads from the response analysis. In this case, the peak 
loads provided by the structural engineer should be factored in the same manner described above 
to evaluate the seismic coefficient from the PGA; that is, a factor of one-half would appear to be 
reasonable in most situations, while a value of one may be used for structures that cannot tolerate 
significant deformations and for structures founded on soils subject to progressive failure and/or 
post-peak strength decrease. When using the loads from a dynamic response analysis to evaluate 
foundation performance, peak loads that occur at different times in the analysis should not be 
superimposed. Loads used in combination should be loads that act upon the foundation at the same 
time. For instance, the peak horizontal load should be used in combination with the vertical loads 
imposed on the foundation by the peak horizontal load and with other vertical loads acting on the 
foundation at the same time as the peak horizontal load, but not in combination with the peak 
rocking moment or peak vertical load. 

9.4.2.3 The General Bearing Capacity Equation 

Terzaghi presented the first comprehensive theory for the evaluation of the ultimate bearing capacity 
of rough, shallow foundations. Using limit equilibrium analysis, Terzaghi expressed the ultimate 
bearing capacity as a function of the geometry of the foundation, the geometry of the assumed 
failure surfaces, and the geotechnical properties of the foundation soil. 

Terzaghi's early work was then expanded upon to provide formulations accounting for different 
foundation shapes, load inclination and load eccentricity, water table location, and other factors. 
These formulations are also based on the resolution of a limit equilibrium problem and the 
evaluation of the shear strength properties of the foundation soil. 



Consequently, to account for eccentric loads, moments, inclined loads, and different foundation 
shapes, a series of correction factors were applied to the initial Terzaghi bearing capacity equation. 
Application of these correction factors results in a generalized bearing capacity equation of the form: 

where q,,, is the ultimate bearing capacity, a is a uniform surcharge load applied at the ground 
surface adjacent to the foundation, B is the foundation width, s,, s,, and s, are foundation shape 
factors, i,, i, and i, are load inclination factors, c and y are the cohesion and unit weight of the soil, 
and N,, N,, and N, are the bearing capacity factors. Note that the surcharge load q, is equal to yD 
for a foundation embedded at a depth D below the ground surface. 

The bearing capacity factors, N,, N,, and N, are a function of the friction angle of the soil, 4 .  
Charts of bearing capacity factors versus r$ are commonly available in geotechnical literature. For 
spread sheet calculations, the following equations may be used: 

N, = (N, - 1) cot (4) (9-3) 

N, = (N, - 1) tan (1.44) (9-4) 

Adjustments for Eccentric (Moment) Loading 

The first step in a pseudo-static seismic bearing capacity analysis is to compute the pseudo-static 
loads. The pseudo-static and static loads are then combined into a single resultant force with an 
inclination a and an eccentricity, e, as illustrated in figure 65. 

Following computation of the resultant force, equivalent dimensions are computed for the footing 
to account for the eccentricity of the load on the footing. The load eccentricity is caused by the 
moment applied to the foundation. This applied moment creates a non-uniform pressure on the 
bottom of the footing and can lead to loss of contact pressure between the bottom of the footing and 
the ground. Therefore, the width of a footing subjected to an eccentric load is represented by a 
reduced, effective width, B'. The computation of equivalent dimensions to account for the load 
eccentricity is illustrated on figure 67. 

Some widely used relationships for the effective contact area are By = (B-2e), as recommended by 
Meyerhof (1953), and B' = (3Bl2-3e) corresponding to a linear soil pressure distribution. The 



calculated value tends to be conservative in that the actual contact area will usually be larger than 
the calculated values using these relationships. 

RESULTANT 
SOIL REACTION 

X 

e - My/V, el= M x / V  B- 

B'= B - 2% , L' = 2eL 

Maximum Soil Pressure (Linear Distribution): 

qmox = V [1+(6 e L / ~ ) ]  / (BL) for eL < L/6 

qmax = 2 V  / [3~(L/2  -eL)] for L/6 < eL < L/2 

Figure 67. Evaluation of overturning moment. 

To prevent uplifting of the footing edge, a limit is usually set on the allowable eccentricity of the 
dynamic load. Hansen (1953) showed that if e S Bl4, there would be no uplift. Hansen (1953) 
recommended sizing the footing such that e is limited to Bl6. In areas of high seismicity (ground 
motions in excess of 0.4 g), this may not be practical. In cases where it is not practical to limit e 
to Bl6, it is recommended that e be limited to BI4. 

An upwards vertical load on a foundation will tend to increase e. This will tend to reduce the 
effective footing area, which may lead to an increase in the calculated minimum soil pressure. 
Therefore, the foundation should be checked for both upwards and downwards vertical seismic 
loads. 

Adjustment for Inclined (Lateral) Loading and Rectangular Shapes 

Recommendations for the correction factors in equation 9-1 for inclined loads and non-circular 
footing shapes are provided by Meyerhof (1953). These recommendations are as follows: 



i, = 1 - [nH/(BLcN,)] for 4 = 0 (9-5b) 

where H and V are resultant horizontal and vertical seismic loads, respectively, and L and B are 
foundation length and width, respectively, and: 

n = [(2 + L/B)/(l + L/B)]COS~~ + [(2 + B/L)/(l + B/L)]s~% (9-6a) 

where: 8 = tan-'(e,/e,) 

If the load is applied parallel to the length L of the footing: 

n = [2 + B/L)/(l + B/L)]COS~~ + [(2 + L/B)/(l +  sin% (9-6b) 

For rectangular footings with a length less than five times the width, 

s, = 1 + (BIL) (NqINc) (9-7a) 

S~ 
= 1 - 0.4 (BIL) 

For eccentric loading, substitute B' for B in the above equations. 



Other Cases 

For complex situations such as multi-layer soils, inclined foundations, or foundations placed on or 
near a slope, alternative solutions for bearing capacity factors have been developed. Charts and 
tables to address such cases can be found elsewhere (e.g., AASHTO, 1994; NAVFAC, 1986). 

9.4.2.4 Bearing Capacity From Penetration Tests 

The bearing capacity of a shallow foundation can be evaluated directly from SPT and CPT results. 

Meyerhof (1956) proposed the following equation relating ultimate bearing capacity to SPT blow 
count: 

where q,, is the ultimate bearing pressure in tons/ft2, N' is the average blow count (blowslft) 
adjusted for submergence effects, B is the footing width (least dimension), D, is the depth to the base 
of the footing from the ground surface, R, is the load inclination factor from table 12, and C,, and 
C,, are correction factors that depend on the depth of the groundwater table, D,, according to: 

Cwl = Cw2 = 1.0 for Dw r D, + 1.5B (9-9a) 

Cwl = 0.5 and Cw2 = 1.0 for Dw = Df (9-9b) 

Cwl = Cw2 = 0.5 for D,  = 0 (9-9c) 

Interpolation should be used to evaluate C,, and Cw2 for D, in between 0 and D, or between D, and 
D, + 1.5B. 
The SPT blow count correction for submergence applies only to fine and silty sand. The 
submergence corrected blow count, N*, is obtained as: 



Table 12. Inclination factors for bearing capacity of shallow 
foundations (after Meyerhof, 1956). 

HI V 
Square Footings Load Inclination Factor, R, 

D, lB=O I D, lB= 1 D, lB=5 



where N is the measured blow count. The measured blow count value used in equation 9-10 is 
averaged within the range of depth from the bottom of the footing to 1.5B below the bottom of the 
footing. 

Load eccentricity can be accommodated using equation 9-8 by substituting B' for B, where B' is 
evaluated in accordance with figure 67. No correction factors for non-circular footings were 
proposed by Meyerhof for use with these equations. However, the general bearing capacity 
equations presented in the previous section can be used to calculate a correction factor for the 
bearing capacity of a non-circular footing. * 

9.4.2.5 Sliding Resistance of Shallow Foundations 

The sliding resistance of a shallow foundation should be calculated independently of the bearing 
capacity. In calculating sliding resistance, the unit adhesion andlor frictional resistance of the base 
of the foundation to sliding is multiplied by the area of the base to determine the sliding resistance. 
The adhesion and interface frictional resistance of the base depend upon both the type of soil and 
the foundation material. Typically, for a concrete foundation, the adhesion and interface friction 
coefficient will be reduced by 20 to 33 percent from the cohesion and friction coefficient of the 
underlying soil. Navy Design Manual DM 7.2 (NAVFAC, 1986) provides recommendations for 
interface friction and adhesion values for dissimilar construction materials (e.g., sandlconcrete, 
claylsteel). These values can be used for the design of both foundations and retaining walls against 
sliding. For eccentrically loaded foundations, the effective base area By should be used in evaluating 
sliding resistance. 

The vertical component of the seismic load on the footing should be included when evaluating the 
sliding resistance. Sliding resistance should be checked for both the maximum and minimum 
vertical loads (upwards and downwards seismic loading). 

For embedded foundations, the passive seismic resistance in front of the foundation is often included 
in evaluation of the sliding resistance of a shallow footing. However, due to the relatively large 
deformations necessary for mobilization of the passive resistance, the passive earth pressure is 
typically reduced by a factor of two for use in sliding resistance analyses. Furthermore, the active 
seismic force on the front of the foundation should be either subtracted from the passive sliding 
resistance or added to the sliding driving force. The net result of factoring the passive seismic 
resistance and then subtracting the active seismic force may often be little to no change in the sliding 
resistance of the foundation. 

9.4.2.6 Factors of Safety 

Seismic loads represent an extreme loading condition, therefore relatively low factors of safety are 
generally considered acceptable in a pseudo-static analysis. Factors of safety on the order of 1.1 
and 1.15 are typically used in practice for both bearing capacity and sliding resistance. The choice 
of the factor of safety and of the seismic coefficient (or peak load reduction factor) are intimately 
linked. For instance, if a seismic coefficient equal to the PGA (divided by the acceleration of 



gravity) has been used in the pseudo-static analysis because the foundation cannot tolerate large 
movements, there may be no need to increase the factor of safety beyond 1 .O. Alternatively, if the 
seismic coefficient is one-half the PGA and the soil is susceptible to a post-peak strength decrease, 
it may be prudent use a factor of safety of 1.1 or 1.15. 

9.4.3 Dynamic Response Analyses 

9.4.3.1 General 

Dynamic response analyses incorporate the foundation system into the general dynamic model or 
the structure. The combined analysis is commonly referred to as the soil-structure-interaction, SSI 
analysis. In SSI analyses, the foundation system can either be represented by a system of springs 
(classical approach), or by a foundation stiffness (and damping) matrix. The latter approach, 
commonly used for SSI analyses of highway facilities, is commonly referred to as the stiffness 
matrix method approach. 

The general form of the stiffness matrix for a rigid footing was presented in figure 66. The 6 x 6 
stiffness matrix can be incorporated in most structural engineering programs for dynamic response 
analysis to account for the foundation stiffness in evaluating the dynamic response of the structural 
system. The diagonal terms of the stiffness matrix represent the direct response of a mode of 
motion to excitation in that mode while the off diagonal terms represent the coupled response. 
Many of the off-diagonal terms are zero or close to zero, signifying that the two corresponding 
modes are uncoupled (e.g., torsion and vertical motion) and therefore may be neglected. In fact, 
for symmetric foundations loaded centrically, rocking and sliding (horizontal translation) are the only 
coupled modes of motion considered in a dynamic analysis. 

Often, all of the off-diagonal (coupling) terms are neglected for two reasons: (1) the values of these 
off-diagonal terms are small, especially for shallow footings; and (2) they are difficult to compute. 
However, the coupling of the two components of horizontal translation to the two degrees of 
freedom of rocking (tilting) rotation may be significant in some cases. For instance, coupled 
rocking and sliding may be important for deeply embedded footings where the ratio of the depth of 
embedment to the equivalent footing diameter is greater than five. The reader is referred to Lam 
and Martin (1986) for more guidance on this issue. 

The stiffness matrix, K, of an irregularly shaped andlor embedded footing can be expressed by the 
following general equation: 

where KE, is the stiffness matrix of an equivalent circular surface footing, described in 
chapter 9.4.3.2, CY is the foundation shape correction factor, described in chapter 9.4.3.4, and 0 is 
the foundation embedment factor, described in chapter 9.4.3.5. 



9.4.3.2 Stiffness Matrix of a Circular Surface Footing 

The solution for a circular footing rigidly connected to the surface of an elastic half space provides 
the basic stiffness coefficients for the various modes of foundation displacement. For vertical 
translation, the stiffness coefficient K33 can be expressed as: 

For horizontal translation, the stiffness coefficients Kll  and K,, can be expressed as: 

K,,  = K,, = 8GR/(2 - V) 

For torsional rotation, the stiffness coefficient KM can be expressed as: 

K, = 1 6 ~ ~ ~ 1 3  

For rocking rotation, the stiffness coefficients K, and K,, can be expressed as: 

&, = K,, = 8 G ~ ~ / 3 ( 1  - v) (9- 12d) 

In equation 9-12, G and v are the dynamic shear modulus and Poisson's ratio for the elastic half 
space (foundation soil) and R is the radius of the footing. 

The dynamic shear modulus, G, used to evaluate the foundation stiffness should be based upon the 
representative, or average, shear strain of the foundation soil. However, there are no practical 
guidelines for evaluating a representative shear strain for a dynamically loaded shallow foundation. 
Frequently, the value of G,,, the shear modulus at very low strain, is used to calculate foundation 
stiffness. However, this is an artifact of the original development of the above equations for 
foundation stiffness for the design of machine foundations. For earthquake loading, it is 
recommended that values of G be evaluated at shear strain levels calculated from a seismic site 
response analysis using the modulus reduction curves presented in chapter 5. If results of a site 
response analysis are not available, G may be evaluated using the modulus reduction curves 
presented in chapter 5 and an assumed shear strain level that depends upon the magnitude of the 
earthquake, intensity of ground motion, and soil type, For events of magnitude 6.0 or less, and for 
ground motion intensities of 0.4 g or less, a value of G corresponding to a strain level of 0.1 
percent appears to be appropriate. For larger magnitudes and/or higher intensity earthquakes, a 
larger strain level may be used. For very large magnitude events (M > 7.5) with very high shaking 
intensity (PGA > 0.6 g), a value of G corresponding to a shear strain of 1 percent is recommended. 



9.4.3.3 Damping 

One of the advantages of the stiffness matrix method over the classical approach is that a damping 
matrix can be included in SSI analysis. The format of the damping matrix is the same as the format 
of the stiffness matrix shown on figure 66. While coefficients of the damping matrix may represent 
both an internal (material) damping and a radiation (geometric) damping of the soil, only radiation 
damping is typically considered in this type of analysis. 

As discussed in chapter 5.3.4, the internal damping of the soil is predominantly strain dependent 
and can be relatively accurately represented by the equivalent viscous damping ratio, X. At the 
small strain levels typically associated with foundation response, X is on the order of 2 to 5 percent. 
Radiation damping, Le., damping that accounts for the energy contained in waves which "radiate" 
away from the foundation, is frequency-dependent and, in a SSI analysis, significantly larger than 
the material damping. Consequently, radiation damping dominates the damping matrix in SSI 
analyses. 

The evaluation of damping matrix coefficients is complex and little guidance is available to 
practicing engineers. Damped vibration theory is usually used to form the initial foundation 
damping matrix. That theory, commonly used to study (small-strain) foundation vibration problems, 
assumes that the soil damping can be expressed via a damping ratio, D, defined as the ratio of the 
damping coefficient of the footing to the critical damping for the six-degree-of-freedom system. 

The damping ratio for a shallow foundation depends upon the mass (or inertia) ratio of the footing. 
Table 13 lists the mass ratios and the damping coefficients and damping ratios for the various 
degrees of freedom of the footing. The damping ratios should be used as shown on figure 66 to 
develop the damping matrix of the foundation system. It should be noted that this approach only 
partially accounts for the geometry of the foundations and assumes that small earthquake strains are 
induced in the soil deposit. For pile foundations or for complex foundation geometry, a more 
rigorous approach, commonly referred to as the soil-foundution-structure-interaction (SFSI) analysis, 
may be warranted. SFSI is beyond the scope of this document. 

9.4.3.4 Rectangular Footings 

Application of the foundation stiffness general equation 9-1 1 (K = CY@K=@) for rectangular footings 
involves the following two steps: 

Step 1: Calculate the radius of an equivalent circular footing for the various modes of 
displacement using table 13 and figure 68. For vertical and horizontal 
(translational) displacements, the equivalent radius, r,, is the radius of a 
circular footing with the same area as the rectangular footing. For rocking and 
torsional motions, the calculation of the equivalent radius is more complicated, 
as it depends on the moment of inertia of the footing. The equivalent radius 
is then used in the equations from section 9.4.3.2 to solve for the baseline 
stiffness coefficients KEm in equation 9-1 1. 
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Figure 68. Calculation of equivalent radius of 
rectangular footing. 

Step 2: Find the shape factor a to be used in equation 9-11 using figure 69.  This 
figure gives the' shape factors for various aspect ratios (LIB) for the various 
modes of displacement discussed in section 9.4.3.1.  

Figure 69. Shape factor a for rectangular footings 
(Lam and Martin, 1986). 

9.4.3.5 Embedment Effects 

The influence of embedment on the response of a shallow foundation is described in detail in Lam 
and Martin (1986). The values of the foundation embedment factor 0 from that study are presented 
in figure 70 for values of DIR less than or equal to 0.5 and in figure 71 for values of DIR larger 
than 0 . 5 .  For cases where the top of the footing is below the ground surface, it is recommended 



that the thickness of the ground above the top of the footing be ignored and the thickness of the 
footing (not the actual depth of embedment D,) be used to calculate the embedment ratio (DIR) in 
determining the embedment factor 6.  

D/R 
Figure 70. Embedment factors for footings with 

DIR < 0.5 (Lam and Martin, 1986). 

EMBEDMENT FACTOR $ 
TRANSLATIONAL (VERTICAL AND HORIZONTAL) --------- 

TORSIONAL AND ROTATIONAL 6 
-- 

Figure 71. Embedment factors for footings with 
DIR > 0.5 (Lam and Martin, 1986). 



9.4.3.6 Implementation of Dynamic Response Analyses 

Typically, the geotechnical engineer provides values for terms of the stiffness matrix to the 
structural engineer for use in the dynamic response analysis. Based upon the results of the analysis, 
the structural engineer should then provide the peak dynamic loads and deformations of the 
foundation elements back to the geotechnical engineer. The geotechnical engineer then compares 
the dynamic loads and deformations to acceptable values to ascertain if the seismic performance of 
the foundation is acceptable. If the foundation loads or deformations are unacceptable or if the 
stiffness coefficients depend upon the amount of deformation or on the magnitude of the dynamic 
load, iteration may be required to achieve a satisfactory foundation design. Even when a dynamic 
response analysis is employed to evaluate the seismic performance of a shallow foundation, the gross 
stability of the foundation must still be evaluated using pseudo-static analysis for bearing capacity 
and sliding resistance, as described in section 9.4.2. 

9.5 DESIGN OF DEEP FOUNDATIONS 

9.5.1 General 

Deep foundations provide a means to transfer loads from a structure to the soil at some depth below 
the ground surface. Deep foundations are often used under the following foundation conditions 
(Lam and Martin, 1986): 

the upper soil strata are weak or compressible; 
the shallower soil layers are susceptible to liquefaction; 
footings cannot transmit inclined, horizontal, or uplift forces; 
excessive scour is likely to occur; 
future excavation is planned adjacent to the structure; or 
expansive or collapsible soils extend to a considerable depth. 

In this chapter, the term deep foundation refers to drilled, driven, and cast-in-place piles, piers, and 
shafts. In the remainder of this chapter the term pile will be used to discuss the general seismic 
design methodologies for deep foundations. However, the discussion on piles also applies to other 
types of deep foundations. 

As shown in figure 72, the basic problem of the seismic response of a pile foundation involves the 
distribution of a set of superstructure loads into the surrounding soil mass through the pile members. 
The general case involves consideration of the same six degrees of freedom considered in the design 
of shallow foundations; that is, three components of translational forces (an axial and two lateral 
shear forces) and three components of rotational moments (a torsional moment about the pile axis 
and two rotational moments about two orthogonal horizontal axes) along the pile member. For 
convenience in design analyses, the axial support characteristics of the pile are assumed to be 
independent of the lateral support characteristics. This assumption is usually justified because lateral 
soil reactions are usually concentrated along the top 5 to 10 pile diameters whereas the axial soil 
resistance of the pile is typically developed at greater depths. Therefore, the axial and lateral soil 
support behavior of the pile can be analyzed separately. 



As with the analysis of shallow foundations, the evaluation of the dynamic response of a pile 
foundation can be performed using either a pseudo-static analysis or a dynamic response analysis. 
In evaluating the response of the pile or pile group to lateral loads, the lateral displacement of the 
pile or pile group is evaluated and compared to acceptable levels of displacement. In evaluating 
response to vertical loads, the loads on the pile are compared to the uplift and compressive 
capacities of the pile. In both lateral and vertical loading analyses, the structural capacity of the pile 
and pile cap must also be compared to the applied loads. 

Under even relatively small lateral loads, some portion of the soil mass may yield during loading. 
Typically, this yielding will occur near the soil surface. Furthermore, in most situations, several 
different layers of soil will be encountered along the length of the pile. Therefore, a realistic 
approach to dynamic analysis of pile foundations should account for the nonlinear behavior of near- 
surface soils and the layered nature of typical soil profiles. In view of these constraints, current 
design practice usually models the soil support characteristics along the pile by discrete nonlinear 
springs. Analysis of such a soil-pile system usually involves modeling the pile as a beam-column 
supported by one set of lateral springs and another set of axial springs. The support curves 
characterizing the lateral soil reaction versus lateral pile deflection are usually referred to as p-y 
curves. The corresponding curves for the axial load transfer characteristics of the pile is referred 
to as t-z curves. Torsional resistance against rotation of individual piles is usually ignored or 
assumed to be negligible for highway bridges, as most deep highway foundations are supported by 
pile groups and torsional loads on pile groups become resolved as lateral loads on the individual 
piles. 

(a) THREE-MMENSONAL ( b )  PIE REACTlONS (c) NONLINEAR SOIL 
PILE DISPLACEMENTS SUPPORT C U R E S  

Figure 72. Three-dimensional soil pile interaction (after Bryant and Matlock, 1977). 



The constraint at the head of a pile can have a significant influence on lateral load response of the 
pile. Piles free to rotate at the head will generally undergo larger lateral displacements than fixed- 
head piles subject to the same load. Therefore, to achiever a stiffer lateral pile response, pile heads 
can be embedded deeper into the pile cap. A deeper embedment will increase the lateral stiffness 
and capacity of the pile footing. However, restraining the head of the pile against rotation may 
induce large moments at the head of the pile. Both the pile and pile cap must then be designed to 
accommodate this moment. 

9.5.2 Method of Analysis 

9.5.2.1 General 

A comprehensive coverage on seismic analysis of pile foundations is provided in Lam and Martin 
(1986). Martin and Lam (1995) present additional, updated information on seismic design of pile 
foundations. The discussion provided herein will touch on only the key aspects of this problem. 
The readers are referred to Lam and Martin (1986), Martin and Lam (1995), and to the other 
references cited in this chapter for in-depth coverage of the subject. 

Because of the inherently variable and nonlinear nature of soil, there is seldom any advantage in 
attempting to apply closed form mathematical solutions or in developing design charts for seismic 
design of pile foundations. Analysis of the response of piles to lateral loading is most conveniently 
accomplished using established computer programs. A variety of computer programs for the lateral 
and vertical load response of piles and pile groups are commercially available. Most of these 
programs use methods developed by Reese and his co-workers (e.g., Reese et al., 1984; Wang and 
Reese, 1991). Many of these programs have user-friendly input and output routines and thus can 
be easily used by most geotechnical engineers, even those with limited computer training. In limited 
cases, where the soil profile consists of a homogeneous layer, hand solutions based on the theory 
of a beam on an elastic foundation can be used (Lam and Martin, 1986). However, due to the 
limited applicability of such solutions, they will not be discussed herein. 

The construction of a full set of p-y curves for the analysis of a laterally loaded pile involves 
calculating p-y curves at selected depths along the length of the pile. Calculations for p-y curves 
for laterally loaded piles are described in detail by Reese et al. (1984). These calculations are 
typically performed internally by the computer program based upon input soil types and shear 
strength parameters. Interpolations done internally in the computer program provide p-y 
characteristics at additional points between the points where p-y curves are input. The additional 
points generated by the computer should be spaced at about one-half the pile diameter to provide 
good resolution for the distributed soil support. Placement of p-y curves typically includes the top 
and bottom (or assumed bottom for a very long pile) of the pile. Since the lateral response of a pile 
is concentrated close to the soil surface, additional p-y curves are generally placed at closer spacings 
near the top of the pile. Usually, the pile response is relatively insensitive to p-y curves prescribed 
at greater depths. However, p-y curves should be placed at the top and bottom of all significant soil 
layers. In the analysis of a laterally loaded pile, the pile can usually be cut off at 30 to 40 diameters 
below the ground surface without affecting the lateral behavior of the upper part of the pile. 



For evaluating the vertical response of piles subject to dynamic loading, t-z curves are generally 
calculated over the entire length of the pile. Rules for specifying t-z curves are similar to those 
cited above for specifying p-y curves. Procedures for evaluating t-z curves are provided by Lam 
and Martin (1986). Analysis of piles and pile groups subjected to dynamic vertical loads is also 
usually performed using commercially available computer programs. 

9.5.2.2 Pile-Head Stiffness Matrix 

The development of an equivalent linear pile-head stiffness matrix is a necessary step in structural 
seismic response evaluation of pile-supported structures. The pile-head stiffness relations may be 
expressed by the following equations from Martin and Lam (1995): 

where 6 is unit horizontal deflection, 9 is unit rotation, and K6 and I& are stiffness coefficients 
representing the force per unit horizontal deflection with zero rotation and the moment per unit 
rotation with zero deflection at the pile-head, respectively. The cross-coupling terms and K, 
represent the force necessary to maintain zero displacement for a unit rotation and the moment 
necessary to maintain zero rotation for a unit deflection, respectively. Martin and Lam (1995) 
present charts for these stiffness coefficients as a function of pile bending stiffness, EI, and soil 
subgrade reaction modulus for fixed-head pile. 

9.5.2.3 Group Effects 

One of the most difficult problems in evaluating the lateral response of pile foundations is the 
evaluation of group effects on pile stiffness. Historically, group effects have generally been 
addressed in two different manners. Either the stiffness of the p-y curves of the individual piles are 
decreased to account for group effects, or the pile group is analyzed as an equivalent single pile. 
As knowledge of the influence of group effects on the behavior of the individual piles has increased, 
use of equivalent single pile analyses has decreased. In practice today, equivalent single pile 
analyses should only be used for large groups of closely spaced piles where appropriate guidelines 
for the behavior of individual piles within the group are not available. 

The behavior of individual piles within a 3 x 3 group of piles founded in sand has been discussed 
by Brown, et al. (1988), McVay, et al. (1995), and Pinto, et al. (1997). The findings of these 
investigations may be summarized as follows: 

for center-to-center spacing, S, greater than 5D (5 pile diameters), group effects are 
negligible and may be ignored; 

for center-to-center spacing of 5D or less, the behavior of individual piles within the 
group depends upon the relative density of the sand and position within the group; 



group efficiency, defined as the actual capacity of the group divided by the ideal 
capacity of the group if there was no group effect, decreases with decreasing spacing 
(capacity is defined as the lateral load at a lateral deformation of 76 rnrn); 

in denser soils, the lead row in the group carries a somewhat larger percentage of the 
total load than in less dense soil; and 

the lead row of piles in the group shows a stiffer lateral load response than trailing 
rows. 

Table 14 summarizes the results of centrifuge model tests in sand from Pinto et al. (1997) 
illustrating these effects, The term "multipliers" in this table refers to the multiplier (or reduction 
factor) applied to the load term @) of a single pile p-y curve in order to represent the behavior of 
the pile within the pile group. The p-y multipliers shown in this table are consistent with those 
recommended by Brown et al. (1988). The reduction in stiffness and capacity for piles in the 
trailing rows is often referred to as the "shadow" effect. For groups of 4 x 4 or larger, piles in row 
4 or greater may be assumed to behave similarly to the piles in the third row of the 3 x 3 group due 
to the shadow effect. While no similar data on group effects is available for piles in clay, pile 
groups in stiff clay may be assumed to behave like pile groups in dense sand and pile groups in soft 
clay may be assumed to behave like piles in loose sand with respect to the shadow effect. 

Table 14. Summary of centrifuge model tests in sand results (3 x 3 group, 
free and fixed head, Plumb) (Pinto, et al., 1997). 

Spacing 
- -- -- - - 

Free Head (3D) 
p,/p,, 
Multipliers 
Efficiency 
Load (kN) 

Free Field (5D) 
p,w/p,,, 
Multipliers 
Efficiency 
Load (kN) 

Fixed Head (3D) 
Load (kN) 
- - -- 

Fixed Head (SD) 
Load (kN) 

Notes: ( I '  Field Load Test by Brown, et al. (1988). 
12) Increase in capacity relative to free head (at 76 mm of deflection). 

The group action of the piles largely depends on the interaction between the piles and the pile cap. 
Lam and Martin (1986) and Reese (1984) describe methods for evaluating the group action of the 
piles and pile cap. Recently, the Florida Department of Transportation has developed the computer 



program FLPIER for evaluating the combined structural and geotechnical response of pile groups. 
FLPIER includes both p-y multipliers and group efficiency factors in evaluating pile group behavior. 

The alternative to reducing the stiffness of the individual p-y curves is to treat the group as an 
equivalent single pile. The equivalent single pile method is commonly used to assess group effects 
for vertical loading. Typically, only the skin friction of the group is relied upon due to the large 
deformations required to mobilize end bearing resistance in soils. Reese (1984) suggests that, in 
an equivalent single pile analysis for lateral loads, the structural stiffness of the pile group (EI, 
where E is the Youngs modulus of the pile and I is the moment of inertia of the pile) should be set 
equal to the sum of the stiffness of the individual piles. Then, the dimensions of the group are used 
as the dimension of the equivalent single pile and the p-y curve for the equivalent pile is calculated 
using conventional methods. 

Brown and Bollmann (1996) provide additional guidelines for general routine design of pile or 
drilled shaft groups for highway bridges and for modeling of the rotational and lateral stiffness of 
the foundation. 

9.5.2.4 Pile Uplift Capacity 

It is not unusual for piles in pile groups to be subjected to significant uplift resulting from seismic 
loading. The moment applied by the seismic lateral force to the pile cap is typically resisted by 
axial loads in the piles. Thus, the outermost piles in the group can be subjected to relatively large 
cyclic axial loads. Experience with seismic analysis of pile foundations for seismic retrofitting of 
bridges in California indicates that foundation piles, subjected to such uplift loads, reach or exceed 
their tensile capacity. Numerous pile foundations for bridges in California have been and/or are 
currently scheduled for retrofit due to inadequate tensile capacity compared to peak seismic uplift 
loads. 

Analogy with the seismic response of embankments and slopes would indicate that the tensile 
capacity of piles should only have to be a portion of the peak uplift load during seismic loading. 
Exceeding the uplift capacity for only a few cycles of loading should result in only limited 
permanent deformation of the pile. The above discussion is consistent with AASHTO (1994) 
recommendations. In Section 6.4.2(b), AASHTO suggests that some separation between end bearing 
foundations and the subsoil is permitted, provided that the foundation soil is not susceptible to loss 
of strength under the imposed cyclic loading. For pile groups, the separation may reach up to one- 
half the end bearing area of the pile group. In Section 6.4.2(c), AASHTO recommends that the 
ultimate capacity of the piles be used in designing the foundation for uplift forces. However, these 
recommendations should be considered with structural requirements including embedment length of 
the pile in the pile cap and the detailing of the connections. 

The analogy with the seismic response of embankments and slopes can also be interpreted as 
follows. In a multi-pile group, the pile cap should not suffer any permanent deformation until all 
piles in the "outboard" half of the pile group have reached their tensile capacity. If even one pile 
subject to uplift remains within the load limit, unrecoverable rotation of the cap should not occur. 
Lam and Martin (1997) have demonstrated the tradeoff between the additional capacity derived by 



allowing some of the piles in a group to yield in tension and the resulting permanent displacement 
of the pile caps. In general, permanent displacements are small provided at least one pile in the cap 
has not yielded. 

The pile uplift capacity should be compared to uplift loads calculated using the peak seismic moment 
applied to the pile cap multiplied by a reduction factor. Based upon experience with seismic slope 
stability, a value of 0.5 may be reasonable for the reduction factor of the peak uplift load. 
Furthermore, in groups of four or more piles, at least two piles should reach their uplift capacity 
simultaneously before the foundation design is judged to be inadequate. However, current practice 
is to design the foundation so that none of the piles are subjected to a load in excess of their ultimate 
uplift capacity. 

9.5.2.5 Liquefaction 

Pile-supported structures have performed extremely well in areas subject to liquefaction in recent 
earthquakes. Notable examples include the performance of pile-supported container cranes at the 
Port of Oakland in the Lorna Prieta earthquake of 1989 and the performance of pile-supported 
buildings on Port Island in the Kobe earthquake of 1995. 

In many earthquakes where liquefaction occurs, the soil may not liquefy until the end of the 
earthquake. Therefore, piles in liquefied ground may still be able to rely on the vertical and lateral 
support of the soil in the potentially liquefied zone during the earthquake. However, due to 
uncertainties as to exactly when liquefaction will occur, it seems prudent to assign a reduced vertical 
and lateral resistance to potentially liquefiable soil surrounding a pile if the pile is expected to 
function as a load carrying member during and after an earthquake. Preliminary results by Dobry 
et al. (1996) suggests that the lateral resistance of a pile in liquefied ground is approximately 
10 percent of the lateral resistance in non-liquefied ground. Therefore, if a pile foundation in 
potentially liquefiable soil is expected to carry lateral loads after the surrounding soil liquefies, 
batter piles may be required to provide adequate lateral support. If batter piles are used, the pile 
cap connections should be designed to sustain moment loads induced by lateral movements and the 
batter piles should be designed to sustain lateral loads due to soil settlement. Lateral spreading can 
also induce large loads on bridge abutments. 

9.6 RETAINING STRUCTURES 

9.6.1 General 

Gravity earth retaining walls subjected to seismic loading have suffered large movements and 
extensive damage in earthquakes, even though the retaining structures had been designed with 
adequate factors of safety against static earth pressures. In some cases, this damage has been 
attributed to liquefaction. However, in some cases, the damage has been attributed to the increase 
in the magnitude of the lateral earth pressure during seismic events. Seed and Whitman (1970) have 
reported several cases of failure of gravity retaining walls in earthquakes by rotation about the wall- 
top as a result of the dynamic earth pressure. Descriptions of damage to gravity retaining structures 



subjected to earthquakes are also given by Seed and Whitman (1970), Nazarian and Hadjian (1979), 
and others. Mechanically Stabilized Earth (MSE) walls, anchored walls, and soil-nailed walls have, 
in general, performed very well in earthquakes with no reports of significant damage. 

Damage to retaining structures due to earthquakes can be classified using three main categories: 

Damage to gravity retaining walls with saturated backfill: Damage of this type has been 
frequently reported for port and harbor structures such as quay walls. Seed and 
Whitman (1970) suggest that failure in quay walls from dynamic loads is primarily due 
to a combination of the increase in the lateral soil pressure behind the wall, a reduction 
in water pressure in front of the wall, and possibly liquefaction of the foundation soil. 
Liquefaction of retaining wall backfill created large lateral pressures that are believed 
to be responsible for outward movements of quay walls as great as 8 meters during 
recent earthquakes in Japan. 

Damage to gravity retaining walls with unsaturated backfill: Fewer cases of failure of 
retaining walls with unsaturated backfill have been reported than for walls with saturated 
backfill. Jemings (1971) and Evans (1971) reported movements and failures in 
retaining walls and bridge abutments in the San Fernando earthquake. Ross et al. 
(1969) reported that as a result of the 1964 Alaskan earthquake, the flexible deck of a 
bridge structure buckled due to the movement of retaining walls in the abutments. 
Conventional gravity retaining walls supporting elevated portions of the Shinkansen 
("bullet" train) track alignment failed in Kobe in the 1995 earthquake. 

Damage to MSE walls, anchored walls, and soil-nailed walls: Tatsuoka, et al. (1995) 
report that mechanically stabilized earth walls (reinforced earth walls) along the same 
stretch of the alignment where conventional gravity walls failed performed very well in 
the 1995 Kobe earthquake. Mechanically stabilized earth walls also performed well in 
the 1989 Loma Prieta earthquake. There have been no reports of serious damage to 
anchored walls in earthquakes. This includes several anchored walls in the epicentral 
region of the Northridge earthquake. Felio et al. (1990) report that eight soil-nailed 
walls in the San Francisco Bay area showed no signs of significant distress as a result 
of shaking during the Loma Prieta earthquake. 

9.6.2 Seismic Evaluation of Retaining Structures 

The seismic performance of earth retaining structures is most commonly evaluated using pseudo- 
static analysis, where the dynamic lateral earth force is estimated as a sum of the initial static earth 
force and the increment in activelpassive earth force due to the seismic loading. For some cases, 
alternative, displacement-based and stiffness-based approaches are also available. Generally, the 
displacement-based approach is used for gravity retaining walls and the stiffness method is used for 
restrained walls for bridge abutments. 

Seismic design of gravity retaining walls is described in detail by Whitman (1990). The state of 
knowledge on seismic design of-mechanically stabilized e a n h  retaining walls is described by 



Tatsuoka, et al. (1995) and Elias and Christopher (1996). The seismic design of soil-nailed walls 
is described in Byrne et al. (1997). In this section, only the basic elements of seismic design of 
retaining walls is presented. The readers are referred to the above mentioned references and other 
references cited herein for more detailed coverage on the topic. 

9.6.2.1 Pseudo-Static Theory 

The most commonly used method for seismic design of retaining structures is the pseudo-static 
method developed by Okabe (1926) and Mononobe (1929). The so-called Mononobe-Okabe method 
is based on Coulomb earth pressure theory. In developing their method, Mononobe and Okabe 
assumed the following: 

the wall is free to move sufficiently to induce active earth pressure conditions; 

the backfill is completely drained and cohesionless; and 

the effect of earthquake motion is represented by a pseudo-static inertia force (k,W,) and 
(+ kvWs or - kvWs), where W, is the weight of the sliding wedge, as shown in figure 73. 

Figure 7 3 .  Forces behind a gravity wall in the Mononobe-Okabe theory. 

Using Mononobe-Okabe theory, the dynamic earth pressure in the active and passive states is given 
by the following: 



where: Y = 
H = 
$ = 
6 = 
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-. 
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unit weight of the backfill; 
height of the wall; 
angle of internal friction of the backfill; 
angle of friction of the wall/backfill interface; 
slope of the surface of the backfill; 
slope of the back of the wall; 
horizontal seismic coefficient; 
vertical seismic coefficient; and 
acceleration of gravity. 



Figure 74, from Lam and Martin (1986), presents values for K, for values of + from 20 to 
45 degrees for vertical walls with level backfill and a wall/backfill interface friction angle equal to 
@//, for horizontal seismic coefficients and vertical seismic coefficients (i.e., k,, and k,) from 0 to 0.5 ', 

and from 0 to 0.2, respectively. 

HORIZONTAL SEISMIC COEFFICIENT, kh 

Figure 74. Effect of seismic coefficients and friction angle on seismic 
active pressure coefficient (Lam and Martin, 1986) 

Besides determining the magnitude of the seismic earth pressure, the distribution of the seismic earth 
pressure or the location of the seismic earth pressure resultant is needed for analyses. Prakash and 
Basavanna (1969) show that, theoretically, the seismic component of the active earth pressure should 
act at one-third the height of the wall down from the top of the wall (i.e., two-thirds of the height 
above the base). Whitman (1990) states that observations of wall behavior and model test results 
indicate that the resultant of the seismic component of the active pressure acts at 0.6 times the height 
above the base. Lam and Martin (1986) suggests that, for practical purposes, it may be assumed 
that the total seismic active earth pressure is uniformly distributed over the height of the wall, 
meaning that the earth pressure resultant acts at the midheight of the wall. The Lam and Martin 
assumption appears appropriate for most highway problems. 



A modification to the Mononobe-Okabe method was developed by Richards and Elms (1979) by 
incorporating the weight of the retaining wall into the analysis. With reference to the wall shown 
in figure 75, these investigators introduced two new forces (k,Ww) and (k,Ww) into the analysis, 
where W, is the weight of the wall. Richards and Elms developed the following formula to 
determine the minimum wall weight required to ensure stability of a gravity wall: 

w =  c0s2 (6 + p) - sin (6 + p) tan $b pa, 

where $, = angle of internal friction between the base of the wall and the foundation soil. Passive 
resistance that may be available at the toe of the retaining wall is ignored in this equation. 

Figure 75. Forces behind a gravity wall in the Richards and Elms theory 

The Mononobe-Okabe equation is widely used for pseudo-static analysis of all types of retaining 
structures. Seismic active earth pressures calculated using Mononabe-Okabe theory can be used to 
design gravity walls, anchored walls, and MSE walls. Like any pseudo-static analysis, the major 
challenge in applying the Mononobe-Okabe theory is selection of an appropriate seismic coefficient. 
Evidence from shaking table and centrifuge model testing, summarized by Whitman (1990), 
indicates that the peak ground acceleration should be used to evaluate the peak lateral earth pressure 
on a retaining wall. Thus, for critical facilities with rigid walls that cannot accommodate any 
deformation and for partially restrained abutments and walls restrained against lateral movements 
by batter piles, use of the peak ground acceleration divided by the acceleration of gravity as the 
seismic coefficient may be warranted. However, for retaining walls wherein limited amounts of 



seismic deformation are acceptable, as is the case for most highway systems, use of a seismic 
coefficient from between one-half to two-thirds of the peak horizontal ground acceleration divided 
by gravity would appear to provide a wall design that will limit deformations in the design 
earthquake to small values. Consistent with slope stability analyses, the vertical acceleration is 
usually ignored in practice in the design of retaining structures. 

9.6.2.2 Displacement Approach 

To circumvent the shortcomings associated with selection of an appropriate seismic coefficient, 
deformation-based analyses have been developed for design of gravity retaining walls. Several 
theories were developed to account for the displacement and rotation of walls during an earthquake. 
Richards and Elms (1979) extended the work of Franklin and Chang (1977) on seismic deformation 
of earth dams to gravity retaining walls. Richards and Elms proposed the following simplified 
formula for the displacement of a gravity wall. 

where d is the displacement in inches, V is the peak velocity of the earthquake record in in./s, N is 
the peak seismic resistance coefficient sustainable by the wall before it slides (equal to the yield 
acceleration of the retaining wall divided by gravity), and A is the maximum acceleration of the 
earthquake record. 

In the absence of information on the time history of velocity or displacement, the following values 
may be used: 

V = 30 (A) (in.1~) (9-24) 

d = 0.3(ASIN 4, (in.) (9-25) 

When using the deformation approach, the retaining wall should also be checked for overturning 
using a pseudo-static analysis. 

9.6.2.3 Stiffness Approach 

Lam and Martin (1986) presents equations for incorporating the stiffness of abutment walls into a 
dynamic model of a bridge system. These investigators propose the following equations for the 
translational stiffness, K,, and the rotational stiffness, KO, of an integral abutment wall: 



where H is the wall height, E, is the Young's modulus of the soil, and B is the width of the 
abutment wall. Equations 9-26 and 9-27 are used when the stiffness of the abutment wall is 
incorporated in the dynamic response analysis of the bridge structure. 

The Young's modulus for the soil, E,, used in equations 9-26 and 9-27 can be evaluated using the 
equations in chapter 5. Use of strain-compatible Young's modulus values in equations 9-26 and 
9-27 is recommended. The strain-compatible moduli values can be estimated from the shear strains 
calculated in site response analyses assuming that the reduction of Young's modulus follows the 
same modulus reduction curves as the shear modulus. If the results of a site response analysis are 
not available, strain-compatible Young's modulus may be evaluated using the same modulus 
reduction curves and assuming a shear strain level depending upon the magnitude of the earthquake, 
intensity of ground motion, and soil type. For events of magnitude 6.0 or less, and for ground 
motion intensities of 0.4 g or less, E, at a strain level of 0.1 percent may be used. For larger 
magnitudes andlor higher intensity earthquakes, a value of E, corresponding to a shear strain of 
1 percent is recommended. 

The location of the resultant force due to wall translation may be applied at 0.6 H from the base of 
the wall and the resultant force from wall rotation may be applied at 0.37 H from the base of the 
wall. 

9.6.2.4 Mechanically-Stabilized Earth Walls and Soil-Nailed Walls 

The seismic design of MSE and soil nailed walls is based on the Mononobe-Okabe method for 
evaluating external seismic stability. An internal seismic stability analysis is also performed as part 
of the design of these wall sysems. The internal stability analysis incorporates the effects of the 
inertial force generated by the reinforced soil volume on individual reinforcing elements during a 
seismic event as a pseudo-static horizontal load. The reinforcing elements must have sufficient 
length and cross-secional area to resist this additional horizontal load. These analyses are described 
in detail in Bathurst and Cai (1995), Elias and Christopher (1996), and Byrne, et al. (1997). 
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